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ABSTRACT 

The vulnerability of exterior beam-column joints in existing RC buildings 

represents a key aspect to ensure structural integrity of buildings under seismic 

loadings. Recent seismic aftermaths showed substantial damages resulting from beam-

column joints in older-type non-seismically designed frame structures, often leading 

to undesirable brittle failure mechanisms. 

RC buildings constructed prior to developing current seismic codes and guidelines 

generally lack joint transverse reinforcements. As a result, the seismic assessment of 

existing RC buildings necessarily requires to consider beam-column joints, by 

correctly evaluating their strength and deformability local capacity and, consequently, 

their contribution to the seismic global response of structures.  

In order to realistically predict the seismic performance of such buildings, accurate 

experimental and numerical studies for assessing the inelastic joint behavior have been 

recently developed by the scientific community.  

In the current literature are available different theoretical models for the prediction of 

the joint shear capacity, mainly obtained from calibration processes involving 

experimental databases. Although these models represent valuable tools, they are 

based on different formulas and suggest values, which particularly affect the 

evaluation of both the shear strength and the deformability. 

In this context, the current study aimed to improve the existing theoretical and 

numerical models concerning the seismic response of exterior beam-column joints 

without transverse reinforcements.  

To this purpose, a proposal for the numerical modeling of both monotonic and cyclic 

behavior of exterior RC beam-column joints is developed by using a macro-modeling 

approach. The beam-column joint element is modeled through the well-known 

“scissors model” in which the two main mechanisms governing the overall behavior 

of the RC joints are considered by means of two nonlinear rotational springs in series. 



In particular, the first spring represents the shear deformation of the joint panel, while 

the second one represents the “fixed-end-rotation” of the beam due to the debonding 

of the longitudinal steel rebars at the beam-joint interface. In the model, the two springs 

are defined by proper moment-rotation constitutive laws selected from the literature. 

For the spring simulating the shear behavior of the joint panel, various combinations 

of some literature proposals are taken into account with the purpose to identify the 

laws better simulating the overall response of the RC joint.  

The numerical simulations are performed by using the OpenSees software in which 

the ability of the considered constitutive laws to reproduce the monotonic behavior of 

RC beam-column joints is assessed by considering an experimental database of cyclic 

tests collected from the literature; the RC joints included in the database are 

characterized by different geometric dimensions, material properties and structural 

details features.  

By minimizing the error between the numerical and experimental results in terms of 

force-displacement curves, the models which better approximate the monotonic 

behavior of the joints are identified. Then, a calibration process is carried out on the 

shear stress and strain parameters in order to improve the existing multilinear law.  

The identified laws are also used to perform cyclic analyses, which depend on several 

parameters describing the unload-reload path, the strength and stiffness degradation 

and the pinching effect. Starting from a proper damage rule, a calibration process is 

carried out to define appropriate ranges of these parameters. The numerical simulations 

provide a satisfactory agreement with the experimental results. 

Finally, in order to accurately predict and simulate the joint response at structural level, 

the proposed joint model is implemented in the numerical modeling of a 2D frame case 

study from the literature. Pushover analyses have been performed and the resulting 

capacity curve proved that the numerical model is able to accurately reproduce the 

observed nonlinear behavior of the frame. 
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1. INTRODUCTION 
Reinforced concrete frame buildings probably represent the most common 

construction typology throughout the world due to the ease of construction practice, 

availability of materials and relatively low cost. RC structures built prior to the 

latest/recent seismic codes generally denote a remarkable vulnerability towards 

seismic actions. The structural deficiencies of RC frame buildings mainly depend on 

the lack of “capacity design” principles which often lead to undesirable brittle failure 

modes such as shear failure of structural components, slip of embedded rebars, shear 

failure of joint elements, collapse of columns, etc.  

New design techniques and construction strategies have been promoted by the research 

community to reduce the seismic vulnerability of structural RC systems. To this end, 

several different recommendations have been included in the more recent versions of 

the technical codes to guarantee appropriate levels of performances and provide 

substantial improvements in the overall structural seismic capacity.  

In this context, failure of beam-column joints represents a paramount issue, especially 

when they are designed with poor structural details, lack of adequate reinforcements 

in the joint panel, insufficient anchorage systems of the beam longitudinal rebars inside 

the joint. Past earthquake aftermaths and field inspections have shown the remarkable 

vulnerability and structural damage that can result from the inadequacy of beam-

column joints. In fact, in several cases, local failures of old-type exterior joints resulted 

to be the main cause of the global building collapse.   

This has led the scientific community to better investigate the response of the beam-

column joints and, moreover, define specific and detailed recommendations for their 

design and analysis.  

Several authors have carried out experimental studies aiming at analyzing the seismic 

performance of joints. Most of them focused on exterior joints, since they show a 

higher seismic vulnerability with respect to internal joints. Other studies have analyzed 
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the performance of both exterior and interior joints in the “as-built” configuration and, 

also, in case of retrofitted solutions obtained by using composite materials or 

additional transverse reinforcements within the joint panel.  

Other important contributions to the analysis of RC beam-column joints regard the 

numerical modeling of their response and, in particular, the main phases characterizing 

their shear behavior. 

From what emerged in the literature studies, the determination of the joint shear 

response is satisfactorily represented by different phases in terms of stress and strain 

parameters, whose definition is a fundamental aspect within the numerical modeling 

framework. 

The overall objective of this thesis is to develop a macro-modeling approach to 

simulate the behavior of exterior RC joints under seismic lateral loadings. This aim is 

achieved through the following research tasks, which will be discussed in details 

within the thesis work. 

 An extensive literature review on the existing capacity models for beam-

column joints is carried out in Chapter 1, with particular attention to those 

models providing specific formulations for the assessment of exterior joints 

without transverse reinforcements. 

 Chapter 2 is devoted to an extensive literature investigation of the state of the 

art on beam-column joints, with a particular attention to the most common 

analytical models predicting the shear behavior of exterior joints. 

 An accurate description of the experimental database of exterior beam-column 

joints available in literature is provide in Chapter 3. A set of fifteen specimens 

is selected to represent exterior RC joints without transverse reinforcements 

and subjected to cyclic loading. The analyzed joints are characterized by 

different geometric dimensions, material properties and detail features.  

 Chapter 4 deals with the numerical model describing the shear behavior of 

exterior unreinforced joints, which is implemented into the OpenSees finite 

element framework (McKenna et al., 2010). The model schematizes the joint 

element through the well-known “scissors model” by Alath and Kunnath 

(1995) by means of a nonlinear rotational spring reproducing the joint panel 
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shear rotation. In addition to the original “scissors model”, the deformability 

due to the bond-slip of bars anchored into the joint core is also considered by 

including another rotational spring at the beam-joint interface. 

A particular attention is devoted to the constitutive laws assigned to the springs 

to reproduce the response of exterior RC joints. Thus, several constitutive laws 

for the modeling of the joint panel were selected by combining some of the 

models available in literature. A set of capacity models predicting the 

maximum shear strength is combined with other models providing the other 

parameters for the definition of the shear stress and strain constitutive law.   

In order to simulate the bond-slip phenomenon of the beam longitudinal rebars, 

the bond stress-strain relationship proposed by the Model Code 2010 (MC 

2010) is employed in the numerical model. 

 Chapter 5 shows the assessment of the proposed approach by performing 

numerical analyses on the experimental cases with the aim to reproduce their 

monotonic behavior. A first set of monotonic numerical analyses has been 

carried out with the aim of properly reproducing the backbone envelope 

derived from the experimental outcomes. By calculating the error between the 

numerical and experimental curves in terms of force-displacement values, the 

best analytical model combinations are thus identified.  

 Starting from the models, which minimize the errors between the experimental 

and the numerical results, a calibration process is carried out in Chapter 6 to 

define the constitutive stress-strain law for the joint shear behavior. To this 

purpose, an empirical formulation predicting the maximum shear strength is 

proposed, along with a calibration process for the definition of the stress and 

strain parameters for the multilinear shear constitutive law. 

 Cyclic analyses are also performed for the joints available in the database to 

reproduce the experimental hysteretic cycles. The definition of proper 

parameters describing the strength and stiffness degradation laws is required 

by the “Pinching4” material adopted in the numerical model. These parameters 

are then calibrated by minimizing the errors in terms of cumulative dissipated 
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energy and stiffness degradation at each cycle of the loading history. This 

procedure is shown in Chapter 7. 

 Finally, in Chapter 8 the proposed model is implemented in the numerical 

modeling of a RC frame case study belonging to a poorly detailed building 

which showed sever damages in exterior beam-column joints after the 

L’Aquila earthquake (2009). Pushover analyses are performed by considering 

two different modeling cases: a frame model in which the joint shear 

contribution is neglected and a second model which takes into account the 

proposed joint modeling. 

 Chapter 9 presents a brief summary and concluding remarks of the research. 

Suggestions for future works are also presented.  

 

It is worth highlighting that the numerical study presented in this thesis, in which 

combinations of several analytical models simulating the shear behavior of the joint 

panel were considered, represents a novelty with respect to similar investigations on 

RC joints published in the literature. In fact, previous studies proposed both stress – 

strain laws and analytical formulas for the estimate of the maximum shear strength, on 

the basis of their own experimental tests; then, the defined laws have been directly 

compared with other literature outcomes. Moreover, the numerical analyses presented 

in this research allowed to retrospectively define the most accurate models 

combinations, whereas the literature constitutive relationships have been determined a 

priori.  
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2. STATE OF THE ART 

This chapter presents an overview of the current state of the art on the behavior of 

beam-column joints designed without specific seismic details. In particular, this 

overview includes considerations about beam-column joint failures observed during 

past and recent seismic events. A joint classification is presented with the aim of 

explaining the main difference in terms of joint configurations (exterior or interior 

joints), structural behavior, structural details and failure modes experienced under 

seismic actions.  

The main features characterizing the mechanics of joints are also presented; to this 

end, particular attention has been devoted to the equilibrium of the external forces 

acting in the joint panel, which produce the shear resisting model based on the “strut-

and-tie” mechanism.  

Another important phenomenon strongly affecting exterior beam-column joints is the 

bond-slip mechanism generally experienced at the beam-joint interface due to poor 

anchorage details of the beam longitudinal reinforcements.  

An accurate description of the main capacity models for the shear strength prediction 

of joints is carried out, introducing both code recommendations and analytical models 

developed from literature studies. Particular attention is devoted to the parameters 

affecting the seismic performance of joints, which have been employed by the majority 

of the capacity models.  

2.1 Beam-column joints under seismic actions 

Past and recent seismic events have highlighted the key role of beam-column joints 

on the seismic response of existing RC buildings. Severe damages of this structural 

component under earthquake actions have been indeed observed together with failure 

mechanisms characterized by low ductility levels. These outcomes are strictly related 

to the lack of attention by past seismic regulations to beam-column joints in the design 

process, particularly in terms of structural details.  

In this context, failure of beam-column joints represents a recurring event due to their 

poor structural details, lack of adequate transverse reinforcements, inadequate 
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anchorage of longitudinal steel bars crossing the joints. As a result, the seismic 

assessment of existing RC buildings necessarily requires to consider beam-column 

joints, by correctly evaluating their strength and deformability local capacity and, 

consequently, their contribution to the seismic global response of structures.  

The seismic vulnerability of RC structures is mainly due to shear failure, involving 

plastic hinges at the top and the bottom of the column, with consequently soft story 

mechanism, bond-slip of bars in column and beam, and failure of the beam-column 

joints. These critical structural elements develop a brittle failure and low available 

ductility. 

In some cases, the joint failure was proved to be the main cause to partial or total 

building collapse (Del Vecchio, 2015). Some examples of seismic events involving 

beam-column joint damages are reported in Figure 2.1. 

 

 

(a)  

 

(b) 

Figure 2.1 Corner beam-column joint failures: photo credits a) Güney Özcebe (Engindeniz, 2008); b) 

Zhao et al. (2009). 

Beam-column joint collapses have been also observed during the Central Italy (2016) 

and L’Aquila (2009) earthquakes, which represent severe seismic events occurred in 

Italy in the last years. These events, not only involved losses of human lives, but also 

substantial damages on the historical and architectural heritage of these sites. 
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Some examples of joint failures after the two Italian earthquakes are shown in Figure 

2.2. 

 

 

(a) 

 

(b) 

Figure 2.2 Joint failures due to: a) L’Aquila earthquake, photo credits: Bursi et al. (2009); b) Central 

Italy earthquake, photo credits: Riccardo Nitiffi. 

In some cases, the observed damages have shown multiple beam-column joint failures 

with other framing elements intact. One example is reported in Figure 2.3, referring to 

the partial building collapse of the “Kaiser Permanente” structure, a pre-1970 frame 

structure with anchored infill, which collapsed during the 1994 Northridge earthquake. 

In other cases, the role of the joint failure towards the overall building collapse is less 

certain, since beam-column joints failed together with other members. This is the case 

of a concrete frame building in Izmit (Turkey), which was characterized by a collapse 

involving both exterior joints and columns belonging to the second and the third levels 

(see Figure 2.4). 
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Figure 2.3  “Kaiser Permanente” building collapse due to beam-column joint failure, Northridge 

earthquake (1994); photo credits: G. Edstrom (Hassan, 2011). 

 

 

Figure 2.4 Partial building collapse due to failure of beam-column joints during the Izmit (1999) 

Turkey; photo credits: NISEE, University of California, Berkeley (2010). 

It is clear from these examples that joint failures have been observed in several 

buildings following past earthquakes, leading to the worst and unfortunately the most 

frequent mechanism of collapse, i.e. the soft story mechanism, which generally occurs 
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at the lower floors, especially in the case of buildings with a colonnade at the first 

floor, as shown in Figure 2.5. 

 

 

Figure 2.5 Soft story mechanism observed in a building after the Izmit (1999) earthquake; photo 

credits: Said and Nehdi (2004). 

These outcomes have led the scientific community to better investigate all the 

mechanisms affecting the behavior of beam-column joints under seismic actions. 

Therefore, the recent seismic codes consider the capacity of the structure in dissipating 

the energy induced by earthquakes. This concept is known as “capacity design” 

approach: a design procedure in which it is decided which objects, within a structural 

system, will be permitted to yield (ductile components) and which objects will remain 

elastic (brittle components). The ductile mechanisms are “displacement controlled” 

and are characterized by high displacement excursions that allow to obtain a non-linear 

response of the structure. On the other hand, brittle mechanisms are “force controlled” 

and are related to the maximum value of the force attained in the elastic range. In RC 

structures the beams are generally considered ductile elements and the bending failures 

are accounted as ductile mechanisms. Instead, the shear failures are identified as brittle 

mechanisms. Beam-column joints often experience a shear failure mode; thus, they are 

considered as brittle elements.  
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The “capacity design” approach tends to preserve the integrity of the columns, 

favouring the formation of plastic hinges at the ends of the beams; the systems 

experiencing this approach are known as “strong column and weak beam” systems. 

Consequently, local mechanisms, such as soft story collapses, are avoided and the high 

amount of dissipated energy allows to achieve global failures.  

In this context, Paulay and Priestley (1992) furnish some indications for predicting the 

behavior of beam-column joints in RC frame structures.  

In particular:  

- the strength of the joint must not be smaller than the maximum demand 

corresponding to the development of plastic hinge in the adjacent beams;  

- the capacity of the column must not be compromised by a strength reduction 

of the joint, considered as a part of the column;  

- under low seismic actions the response of beam-column joints should be 

elastic;  

- the joint deformation should not significantly affect the inter-story drift and 

then the global displacement of the structure; 

- the steel reinforcement in the panel zone should not lead complex details. 

Starting from the recommendations provided by Paulay and Priestley (1992), specific 

indications have been introduced in seismic codes and guidelines. 

2.2 Beam-column joints classification 

Beam-column joints have a key role in the seismic performance of RC frame 

structures, since they are subjected to shear forces much higher than those of the 

adjacent members. Several parameters affect the structural response of joints, which 

are often classified in different categories, primarily on the basis of their position in 

RC frames. Other classification criteria are the construction details, the structural 

behavior and the different failure modes. 

2.2.1 Geometric configuration 

Due to different locations inside RC frames, beam-column joints can be 

differentiate in exterior and interior joints (see Figure 2.6). 
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Figure 2.6 Beam-column joint types in RC frame structures (Kim & LaFave, 2009). 

A more detailed classification is generally made on the basis of confinement level 

furnished by adjacent beam and column members, as follows: 

- 2D (two-dimensional) joints, typical of building with one way frame or bridge 

bents (Figure 2.7a,b,c); 

- 3D (three-dimensional) joints, typical of space frames (Figure 2.7d,e,f); 

- Partially-confined joints: not all the faces of the joint are confined by framing 

beams (Figure 2.7a,b,c,d,e); 

- Fully-confined joints: joints of interior frames with all the faces confined by 

framing beams (Figure 2.7f). 

 



  

 

12 

 

 

(a) 

 

(b) 

 

(c) 

 

(d) 

 

(e) 

 

(f) 

Figure 2.7 Geometric configurations of beam-column joints: a) plane frame roof corner joint (knee-

joint), b) plane frame floor exterior joint (T-joint); c) plane frame floor interior joint (X-joint); d) 

space frame floor corner joint; e) space frame floor corner joint; f) space frame interior floor joint. 

The structural response of beam-column joints is strongly affected by the number of 

beams framing into the joints. In fact, the external forces transmitted by framing 

members depend on the joint confinement. In particular, the partially-confined 

typology resulted to be the most vulnerable to seismic loads. Thus, the further 

differentiation between 2D joints with one or more framing beams is made among the 

partially-confined joints. Exterior joints, namely joints with only one beam, resulted 

to be the weakest configuration, whereas a higher shear capacity characterizes interior 

joints, i.e. joints with beams framing into the joint panel on both faces. 

The current study deals with typical plane frame floor exterior joints (see Figure 2.7b).  

2.2.2 Structural behavior 

Paulay and Priestley (1992) made a distinction based on the crack propagation in 

the joint region under seismic loading; thus, the structural behavior of joints can be 
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classified as elastic or inelastic. The first condition is the most preferable, since a 

“force controlled” behavior ensure sufficient strength to avoid a shear failure of the 

joint. However, this structural behavior rarely occurs in practice. Under seismic 

actions, the joint behavior usually goes beyond the elastic range, experiencing inelastic 

deformation and cracking of the joint panel. This is mainly due to the insufficient shear 

strength of the joint or the penetration of inelastic strains along the steel longitudinal 

reinforcements of the beam anchored into the joint.  

2.2.3 Construction details 

The reinforcement details of beam-column joints represent the main aspect related 

to the ductility demand prescribed by current seismic codes. Particular attention has 

been devoted by codes to shear reinforcement in the joint panel, adequate anchorage 

length of beam rebars, large lap splice, closed space stirrups within the adjacent beam 

and column members. These construction details strongly affect the ductile or the 

brittle response of the joints. The following distinction can be made based on the joint 

behavior under external loading: 

- Non-seismically detailed joints or non-ductile joints, which experience only 

small deformations before failure. The main features of these kind of joints are: 

short development of the anchorage length of the beam bars, large stirrups 

spacing, no transverse reinforcement in the joint core (see Figure 2.8a).  

- Seismically-detailed joints or ductile-joints are characterized by large 

deformation capacity without failure and large amounts of energy dissipation 

through hysteretic behavior. The structural details concern long anchorage 

length of the beam bars, close stirrups spacing, shear reinforcement of the joint 

core (see Figure 2.8b). 

However, it is worth mentioning that specific joint details and possible deficiencies 

vary depending on the local construction practice.  
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(a) 

 

(b) 

Figure 2.8 Non seismically-detailed (a) and seismically-detailed (b) exterior beam-column joints. 

Another important construction detail, affecting the seismic response of joints, is the 

typology of the anchorage of the beam longitudinal reinforcements into the joint core. 

In common older-type frame buildings, the bond-slip failure of the beam bottom rebars 

was often observed, due to an insufficient anchorage length, or to an inadequate 

anchorage system. In fact, it is well known that beam bars bent into the joint with a 

hooked-end anchorage system have higher shear capacity compared to plain unbent 

bars. Several configurations of anchorage systems have been experienced in the 

common practice design (see Figure 2.9). 

 

 

(a)                      (b)                       (c)                         (d)                       (e) 

Figure 2.9 Different anchorage systems: a) plain unbent reinforcement; b), c), d) bent-out beam 

reinforcement; e) insufficient anchorage length (Hassan 2011). 
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In literature, several works have investigated the significant slips characterizing the 

cyclic response of RC elements with plain longitudinal reinforcements (Hassan, 2011) 

(Pantelides et al., 2002) (El-Amoury & Ghobarah, 2002). This mechanism strongly 

affects the hysteretic behavior, which generally shows a significant rocking with low 

energy dissipation and a marked softening related to the progressive concrete crushing. 

In particular, Calvi et al. (2002) observed that the opening of shear cracks increase the 

bar slip in beam-column joints. They pointed out that the use of plain bars enhances 

the formation of the wedge mechanism, which leads to a premature cracking along 

with a fast strength degradation, achieved at stress levels lower than joints with 

deformed bars. Test results showed that for plain internal reinforcement the peak 

strength is reached immediately after the joint cracking.   

Another feature related to steel longitudinal reinforcements of beam and column 

elements is the technique used to realize the steel rebars. In the past, only plain smooth 

rebars were used, while nowadays the seismic codes establish the use of deformed bars 

exclusively. Deformed steel reinforcements show a surface with ribs or transverse 

indentations, distributed over the entire length, with the aim to increase the bond 

between steel and concrete materials.  

2.2.4 Failure modes 

Several literature studies investigated the different modes of failure experienced by 

beam-column joints in existing RC structures (Hassan, 2011) (Sharma, 2013). They 

can be summarized as follows: 

- J-failure: joint fails in pure shear with no yielding of beam or column 

reinforcement. Beams and columns are adequately reinforced towards seismic 

actions; therefore, the joint results to be the weakest element. This type of 

failure is the most representative of the shear strength of joints with no 

transverse reinforcements and without orthogonal beams. This failure is 

associated with a lower displacement ductility capacity; 

- BJ-failure: joint experiences severe cracking and subsequent shear failure after 

yielding of the top or bottom beam reinforcements. For this reason, the BJ-

failure is considered more ductile than the J-failure. In this case, the beam 
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flexural capacity is considered the mechanism governing the shear strength 

capacity of the joint. Moreover, the column experiences no yielding, leading to 

a “strong column and weak beam” mechanism; 

- CJ-failure: the failure is governed by the column yielding, which leads to the 

subsequent shear collapse of the joint core. The softening of the joint concrete 

strut, due to column reinforcement yielding, leads to a shear capacity less than 

that of a J-failure. The resulting mechanism is “strong beam and weak column”. 

Compared to the previous modes of failure, the CJ-failure is not often 

reproduced through experimental tests; 

- BCJ-failure: beam and column experience yielding simultaneously, thus 

combining both BJ and CJ failures, followed by the joint shear collapse. Even 

this case shows a shear capacity less than the J-failure mode; 

- Anchorage failure: this failure mode is governed by the bond-slip phenomenon 

of the beam bottom reinforcements anchored into the joint core. As already 

mentioned, this failure is usually due to the short development length of the 

beam reinforcement or, alternatively, to the use of older-type smooth plain 

rebars. Consequently, the shear capacity of the joint panel is not completely 

developed, since the joint strut is not formed resulting in a premature failure of 

the beam-joint connection. As it will be discussed later, the anchorage failure 

can occur through two main mechanisms: pull-out or splitting failure modes; 

- B-failure and C-failure: beam or column elements, after reaching their yield 

strength, experience large inelastic deformations until the achievement of their 

ultimate rotational capacity, without the involvement of the shear failure of the 

joint core. This case is mainly observed when beam or column flexural capacity 

is very low compared to the joint shear strength; 

- Axial failure: this failure mode especially characterizes exterior and corner 

joints subjected to very large drifts or high axial loads. However, very few 

experimental data, available in the literature, investigated axial failure 

occurring after the achievement of the joint shear capacity (Hassan, 2011).  

From the above analysis, it is evident that the joint failure (J-failure) is the most brittle, 

since the joint core completely develops its maximum shear capacity, which is 
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followed by the joint failure for small post-peak deformations, representative of a poor 

ductile behavior. However, each mode of failure strictly depends on different design 

parameters and structural details; in particular, concerning older-type RC frame 

buildings, the J-failure is the most frequently observed failure mode. 

A summary of the main failure modes affecting beam-column joint elements is 

provided in Figure 2.10 

 

 

(a) 

 

(b) 

 

(c) (d) 

Figure 2.10. Typical beam-column joint failure: a) J-failure; b) BJ-failure; c) CJ-failure; d) 

anchorage failure. 

2.3 Mechanics of beam-column joints 

Under seismic actions, beam-column joints are subjected to shear forces typically 

much higher than those occurring within adjacent beam and column framing members. 

If the demand exceeds the capacity, the shear failure of the joint may become the 

weakest link within the hierarchy of strengths mechanism, leading to global collapse 

of the entire structure. In some cases, the limited area of the joint is affected by the 

simultaneous interaction between shear, bond and confinement mechanisms. Thus, 

besides large shear stresses in the joint core, high bond stresses are also imposed on 

reinforcement bars anchored into the joint. The axial and joint shear stresses result in 

principal tension and compression that leads to diagonal cracking and/or crushing of 

concrete in the joint core.   

To establish the origin and the magnitude of the external forces acting into the joint, it 

is worth analyzing the equilibrium of a typical 2D subassembly. The example reported 



  

 

18 

 

in Figure 2.11, extracted from the work by Paulay and Priestley (1992), is related to 

an interior joint with the column extending between the two points of contra-flexure 

at approximately half-story height. 

 

Figure 2.11 Equilibrium of a typical interior joint subassembly: (a) external forces; (b) bending 

moment; (c) shear forces (Paulay & Priestley, 1992). 

Beam and column members transfer the external actions in the joint panel. More in 

detail, referring to a symmetrical configuration, Mb and Vb are the bending moment 

and the shear force transferred by the beams, while Mc, Vc and Nc are respectively the 

bending moment, the shear force and the axial force transferred by the columns. The 

stress field generated by these actions can be simplified by schematizing the bending 

moments through internal horizontal tension force (Tb) and compression force (Cb), as 

shown in Figure 2.12. Then, the horizontal joint shear force is given by the following 

formula: 

bjh b cV C VT        (2.1) 

Assuming that internal forces are equal (Tb = Cb) and that beam shear on opposite sides 

of the joint are equal, the column shear force Vc is given by the equilibrium of the free 

body with the following expression: 
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     (2.2) 

where: jdb is the beam internal lever arm and Lc is the column length. 

Similar to the Eq. (2.1), the shear force acting inside an interior joint is computed as 

follows: 

'jh cT TV V        (2.3) 

where: T and T’ are the tensile forces of the top and bottom beam reinforcement, 

respectively. 

 

 

                                  (a)                                                             (b) 

Figure 2.12 Equilibrium of the external forces for (a) interior and (b) exterior joint. 

Once the tensile steel have developed its maximum stress λ0·fyb, where λ0 is the over-

strength factor, the maximum possible value of the joint shear force used in the practice 

design and assessment can be evaluated as follows: 

,sup ,inf ,sup0 0( ) (1 )sb sb sbjh c cyb ybf fV V VA A A        (2.4) 

where: Asb,sup and Asb,inf are the area of the top and bottom beam reinforcements 

respectively; λ0 is the over-strength factor; fyb is the tensile yield strength of the steel 

reinforcement; β is the ratio between the longitudinal reinforcements, computed as 

follows:  
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        (2.5) 

By referring to an exterior joint configuration, as the one depicted in Figure 2.12b, 

only one beam intersects the joint panel. Similar to Eq. (2.3), the horizontal joint shear 

force can be derived: 

             jh cTV V       (2.6) 

where only the tensile force T related to the top beam reinforcement is taken into 

account. 

From the equilibrium in the vertical direction, it is possible to get vertical joint shear 

strength. However, this term can be computed with sufficient accuracy through the 

following relation (Tsonos, 2007) (Park, 1975): 

b
jv jh

c

h
V V

h
       (2.7) 

where hb/hc is known as “joint aspect ratio”, being hb the height of the beam cross-

section and hc the height of the column cross-section. 

Some studies available in literature, as the one carried out by Priestley and Hart (1994), 

used the principal tension stress approach to measure the joint shear strength on the 

basis of the Mohr’s circle of a typical stress field of the joint panel. The principal 

tension stress is given by: 

2
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    (2.8) 

where fa = Nc/Aj and: Nc is the column axial load with positive sign for compression; 

Aj is the joint cross-sectional area; vjh is the maximum shear stress. 

The principal tension is related to the joint shear stress through: 

1 a
jh t

t

f
pv

p
       (2.9) 

The evaluation of the joint shear strength by means of the principal tension approach 

is carried out by several studies, as it will be shown in the following sections. 
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Ensuring sufficient joint shear strength until the full development of plastic capacity 

of beam and column elements represents a fundamental aspect to avoid collapse of 

buildings during seismic excitations. Thus, the joint shear strength must be designed 

to be higher than the plastic capacity of adjacent elements. Moreover, sufficient bond 

strength is necessary to achieve integrity and adequate anchorage in the joints through 

proper detailing. 

2.3.1 Shear deformation of the joints 

Since beam-column joints have a key role in the structural system, even small shear 

deformations may induce significant global effects. However, shear distortions 

represent a difficult issue to deal with, because of the poor ductile behavior of these 

structural elements, which experience brittle failures under seismic actions. Moreover, 

few studies focused the attention on the joint deformation and its effect on the global 

structural response if compared to the corresponding shear strength. The scientific 

community has recently defined the joint shear deformations as the effects of the shear 

stresses applied on the joint panel (Del Vecchio, 2015). More in detail, the joint panel 

stress field gives raise to three main deformation terms: the axial compression, the 

horizontal shear deformation and the vertical shear deformation (see Figure 2.13). 

 

Figure 2.13 Shear stresses and deformations in the joint panel: a) shear stresses; b) horizontal shear 

deformation; c) vertical shear deformation. 

Based on experimental evidences, Priestley et al. (1996) provided an estimation of the 

shear deformation values, assumed equal for the horizontal and the vertical directions. 

By defining different stress levels (cracking, peak strength and joint collapse), they 

identified the corresponding shear strain limits.  
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Later, Calvi et al. (2002) further improved this model including the relations for plain 

internal reinforcements (see Figure 2.14). The effects of the joint shear distortion on 

the inter-story drift of the entire RC structure were also evaluated.  

 

 

(a)                                                                                            (b) 

Figure 2.14 Model proposed by Calvi et al. (2002): a) joint shear deformation; b) effect of shear 

deformation on the inter-storey drift. 

More recently, Sharma et al. (2011) adopted the same model by modifying the strain 

response on the basis of their experimental tests, which also accounted for different 

longitudinal beam bar anchorages.  

Pantelides et al. (2002) investigated poorly detailed beam-column joints with different 

axial load levels; they suggested limitations for the joint drift, crack width and shear 

strength at five different performance levels: first yielding of longitudinal 

reinforcements or hairline cracking; initiation of joint mechanism with visible cracks, 

full development of joint mechanism at peak strength; strength degradation with 

concrete spalling; total loss of gravity load.  

Moreover, specific theories on the shear behavior of RC structures (Hassan, 2011) (El-

Amoury & Ghobarah, 2002) refined analytical models which included the effects of 

bond-slip of internal reinforcements and joint panel shear deformation.  

Kim and LaFave (2009) proposed a semi-empirical simplified capacity model, based 

on a wide database of experimental tests, including formulations to predict both shear 

strengths and strains. In particular, a tri-linear relationship in terms of shear stresses 



  

 

23 

 

and shear deformations has been proposed. A more detailed description of this model 

will be shown in the following sections. 

As shown in Figure 2.15, the contribution of joint shear deformations to the overall 

deformation response can be significant, especially in the inelastic range. This can lead 

to underestimation of global displacements if a rigid joint modeling is assumed. Many 

experimental studies highlighted the substantial contribution of joint shear 

deformations to total inter-story drifts (Hassan 2011). 

 

 

Figure 2.15 Different deformation contributions to overall inter-story drift (Hassan 2011). 

2.3.2 Shear resisting mechanism 

The most common approach adopted in literature to represent the shear resisting 

mechanism of exterior beam-column joints is a system composed by a diagonal 

compression strut and a tension tie (see Figure 2.16). Several analytical models based 

on this mechanism have been proposed in literature, which will be introduced in the 

following sections. The internal forces generated in the concrete combine to develop 

a diagonal strut, while a truss mechanism is composed by other forces transferred to 

the joint core from beam and column bars through bond stresses (Lima 2010). The 

shear forces are initially transferred by bond bearing through struts generated between 

beam and column reinforcements, leading to the formation of initial diagonal cracks. 
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After the first diagonal cracking in the joint core, the beam and column forces are 

transmitted to the joint core mainly by a diagonal compression strut.  

The overall joint strength may increase if transverse reinforcement in the joint core is 

provided, thus contributing to a better confinement of the concrete diagonal strut. If 

the joint shear forces increase, the diagonal cracks in the joint core widen, with the 

consequent crushing of concrete in the joint core.  

Cyclic loading in cracked concrete leads to opening and closing of cracks and 

movements parallel to open cracks. 

  

 

Figure 2.16 Strut-and-tie mechanism for exterior joints without transverse reinforcement. 

At the exterior face of the joint, if the steel reinforcements are bent away from the 

joint, as in older-type constructions, the required diagonal compression strut is not 

stabilized by a node, leading to a premature failure of the joint panel. On the contrary, 

if the hook-end of the beam longitudinal reinforcement is bent into the joint, the strut 

is correctly anchored in a node inside the hook. Within this configuration, two shear 

resisting mechanisms are generated, namely the truss mechanism and the strut 

mechanism, as shown in Figure 2.17. The first mechanism is engaged along the straight 

segments of beam and column reinforcements, due to the bearing capacity of the 

reinforcement ribs (Hassan 2011), which enhance the bond strength between steel 

reinforcements and concrete. If a sufficient bond strength is ensured until reaching the 

shear capacity of the joint, both strut and truss mechanisms contribute to the overall 
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strength. In the case of insufficient bond strength, the truss mechanism contribution to 

the total strength does not occur, leading the strut mechanism to carry the full shear 

resistance. This is a very common scenario in joints with limited joint depth that delay 

the full development length of the straight segment of beam reinforcements.  

 

 

                                                 (a)                                                  (b) 

Figure 2.17 Shear resisting mechanisms in exterior joints: a) diagonal strut; b) truss (Hassan 2011).  

In absence of joint hoops, Hassan (2011) observed that only secondary struts develop 

prior to bond strength deterioration. In the case of sufficient development length of 

straight segment of the beam reinforcements, full tension forces are adequately 

transferred to concrete strut through bond stresses. Thus, a unique diagonal 

compression strut can provide sufficient shear strength. This is mainly observed for 

small size bar diameters. 

Since the diagonal strut is enclosed in a region of transverse tension, the effective 

compressive strength of the strut is less than the concrete compressive strength 

measured in uniaxial compression. 

2.3.3 Bond-slip mechanism in beam-column joints 

One of the most important reasons for stiffness degradation of beam-column joints 

under large cyclic excitations is the deterioration of bond between steel reinforcement 

and concrete. Bond is conventionally described as the change in force along a bar 

divided by the (nominal) area of bar surface over which this change takes place 

(Metelli 2014). 
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Soleimani et al. (1979) showed that the fixed-end rotation due to bond deterioration in 

the joint can contribute up to 50% of overall deformation capacity of the sub-

assemblages.  

Several factors can affect the anchorage failure, including the degree of confinement, 

the transverse reinforcement, the size of the concrete cover and the diameter size of 

the reinforcing bars. Joints whose columns are low axially loaded are the most 

sensitive to bond deterioration since compression helps to maintain the bond 

mechanism (Costa, 2003). Joint horizontal shear reinforcement improves anchorage of 

beam bars, with an upper bound due to the achievement of the maximum bond strength 

beyond which the crushing of concrete in front of the rib portion of the deformed bars 

occurs.  

Eligehausen et al. (1983) indicated that a clear distance between the longitudinal bars 

less than 5 times the diameter of the bar produces a better bond performance. As 

expected, deformed bars provide a better bond performance compared to plain bars. 

The longitudinal reinforcement bar with straight ends will get pulled out due to 

progressive loss of bond, resulting in complete loss of flexural strength. Therefore, 

proper anchorage of the beam longitudinal reinforcement bars in the joint core is 

required by the current seismic codes. Moreover, an insufficient development length 

of the bars into the joint core may lead to spread of splitting cracks, resulting in a 

premature slippage of the steel bars. 

Splitting failure can occur when radial stresses generate longitudinal cracks which 

spread along the surface of the structural element; this failure typology is typical of 

elements with large bar diameters and small sizes of concrete cover. Pull-out failure is 

caused by shear forces in concrete between the ribs of the reinforcing bars. Generally 

this failure mode occurs for large sizes of concrete cover and/or sufficient transverse 

confinement with the use of deformed bars. It is recognized that splitting failure is 

weaker than pull-out one. 

The relationship between the bond stresses and the deformations in terms of slip 

generated along the concrete-bar interface is a key aspect for a correct evaluation of 

the anchorage failure of the steel rebars in poorly detailed beam-column connections. 

The definition of this constitutive relationship is firstly carried out by Eligehausen et 
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al. (1983), in which a τ-slip law is proposed on the basis of some experimental results. 

Such a model has been adopted by the Model Code 90 (1993) and then further 

improved by the Model Code 2010 (MC 2010). In particular, the bond-slip relation 

proposed in Model Code 2010 is adopted for the purposes of this study and it will be 

discuss in detail in Chapter 4. The multilinear τ-slip curve is calculated as a function 

of the slip (s) as described by the following equations: 

max

1

s

s



 
 

  
 

   for 10 s s       (2.10) 

max            for 1 2ss s       (2.11) 

2
max max
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f          for 3 ss        (2.13) 

 

Figure 2.18 Bond stress-slip curve proposed in Model Code 2010 (MC 2010). 

As it observed in Figure 2.18, after a first nonlinear phase for s≤s1, a constant trend 

characterizes the law for s1<s<s2, while a linear softening branch is experienced until 

the ultimate bond stress value for a slip equal to s3. 

Moreover, a distinction is made between the pull-out (black dotted curve) and the 

splitting (red curve) failure modes. Parameters affecting the definition of the bond-slip 

law in terms of stress and strain values are discussed in Chapter 4. 
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2.4 Capacity models for the joint shear strength 

prediction 

An overview of the capacity models available in literature is provided in this 

section. There are several empirical and analytical models to predict the shear strength 

of joints, developed based on experimental evidences and/or mechanical approaches 

following equilibrium equations, constitutive laws and compatibility considerations. 

These models can be classified on the basis of the joint configuration they deal with: 

models for exterior joints, models for interior joints and models for generic joint 

configuration. The main code formulations developed by different seismic guidelines 

are also presented. In the following, the capacity models developed for beam-column 

joints without transverse reinforcements are discussed. 

2.4.1 Code formulations 

In the last two decades, developments in the scientific community on the seismic 

behavior of beam-column joints took place after severe seismic events. Therefore, 

many national codes focused their attention on the structural performance of these 

elements, with the aim of providing the practitioners some possible reinforcing 

techniques. In fact, before the current guidelines, the joint shear reinforcements were 

almost never provided. The most important code recommendations for the design and 

the assessment of the joint seismic capacity are here briefly summarized. 

The indications provided by the American Concrete Institute in ACI 352-285 (1985) 

are generally used to evaluate beam-column joint size and designing of longitudinal 

and transverse reinforcement at the intersection of beams and columns. The ultimate 

shear force is evaluated using Eq. (2.14): 

0.083jh j ccfV b h     (2.14) 

where 0.083 is the conversion factor from (psi) to (MPa), fc is the concrete compressive 

strength; bj is the joint effective width; hc is the thickness of the column in the direction 

of loading. 

The effective width of the joint (bj) can be evaluated starting from the equivalent beam 

width (bb) and the column width (bc). In the case of exterior joints, with only one beam 
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in the direction of loading, bb can be assumed equal to the width of that beam. In the 

case of interior joints, the beam base can be taken as the average between the widths 

of the two beams. The effective joint width (bj) is evaluated as follows: 

j cb b   for b cb b     (2.15a) 

 
2

b c
j

b b
b


   for  b cb b    (2.15b)    

Finally, the parameter γ depends on the joint geometric configuration (interior, exterior 

or knee joint).  

ACI 352-258 also provided indications regarding the minimum amount of transverse 

reinforcement, which can be assumed equal to the half of transverse reinforcements in 

the adjacent columns or other members which are expected to yield.  

More details about the transverse reinforcements of joints is later furnished by ACI 

318 (2005), also including recommendations for the anchorage of steel longitudinal 

rebars. 

According to FEMA 273 (1997), the shear strength of joints can be calculated as 

follows: 

gjh cfV A     (2.16) 

where: λ is equal to 0.75 for lightweight aggregate concrete and 1.00 for normal weight 

aggregate concrete; Ag is the effective horizontal joint area and γ is the same parameter 

introduced in Eq. (2.14), taking into account also the influence of eventual transverse 

beams. Ag is defined as the product between the column depth (hc) and the effective 

joint width (bj), which is computed as follows: 

min ; ; 2
2

c b
j c b c b b

b b
b b b h b e

  
     

  
  (2.17) 

where, besides the variables already introduced, eb is the eccentricity between the 

centreline of the beam and the column centroid. 

 

A similar approach to the American standards have been adopted by the New Zealand 

seismic codes, NZS 3101 (1995). The following formula has been suggested: 

jh jh j cV v b h      (2.18) 
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 where: vjh is the horizontal joint shear stress, while the other variables are the same 

adopted by the American codes. Based on the studies by Paulay and Priestley (1992) 

the horizontal shear stress is evaluated as a function of the joint axial load, the 

horizontal stirrups inside the joint, the greater amount between top and bottom 

longitudinal beam reinforcements, and the concrete compressive strength. In this case, 

the joint effective width is computed through the following formula: 

 min ;
2

c
j c b

h
b b b      (2.19) 

Japanese standards AIJ (1990) mainly focused on the diagonal concrete strut failure, 

providing the following equation: 

jjh jc
k fV b D      (2.20) 

where: k is equal to 0.30 for interior joints and 0.18 for exterior joints; Dj is the 

effective column depth defined as the column depth for interior joints and the projected 

development length of anchored beam bars with 90 degree hooks for exterior and knee 

connections; bj is the effective joint width defined as: 

1 2j b a ab b b b        (2.21) 

where: ba1 and ba2 are the smaller of ¼ of column depth hc and ½ of distance between 

beam and column face on either side of the beam.  

The Japanese codes were further improved by introducing the effect of out-of-plane 

geometry and modifying the parameter k by also considering T-shaped and knee 

connections (1999). 

 

The Eurocode 8 (2005) and the Italian code NTC2008 (2008) provided indications 

suitable to evaluate the shear strength for interior and exterior joints accounting for the 

strut-and-tie resisting mechanism. The diagonal compression induced into the joint by 

the diagonal strut mechanism shall not exceed the compressive strength of concrete. 

The following expression is adopted to calculate the strength due to the diagonal 

compression: 

1 d
jhc j cjcfV b h





      (2.22) 
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where: hjc is the distance between the extreme layers of column reinforcement; νd is 

the normalized axial force in the column above the joint; η is given by: 

1
250

cf
 

 
  

 
     (2.23) 

in which α is 0.60 for interior joints and 0.48 for exterior ones. 

Finally, the joint effective width is evaluated through the following equations: 

 min ;
2

c
j c b

h
b b b    for  c bb b    (2.24a) 

 min ;
2

c
j b c

h
b b b    for  c bb b    (2.24b) 

The shear strength due to the diagonal tensile stress of concrete (Vjhs) is provided by 

the following expression: 

2

sjh yj

ct
j jb dct c

V jhs

b hfA j cj
f

f fb h 

 
 
 
  


   (2.25) 

where: Asjh is the total area of horizontal hoops; hjb is the distance between the top and 

the bottom reinforcement of the beam; fct is the tensile strength of concrete evaluated 

according to Eurocode 2 (2004) as follows: 

 
2

30.30
ctf f c      (2.26) 

The shear strength of joint Vjh is assumed to be the smallest value between the strength 

provided by the diagonal strut (Vjhc) and the one provided by the diagonal tie (Vjhs). 

More recently, the new Italian codes, NTC2018 (2018), included the design of joints 

in the “capacity design” approach, thus avoiding a premature failure of joints with 

respect to the adjacent beam and column regions. The shear demand in the horizontal 

direction is calculated by considering the greatest forces developed and transferred by 

adjacent elements. In particular, the following expressions are furnished: 

for interior joints:  

 1 2s sjbd cRd ydfV VA A      (2.27)  

for exterior joints:  
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1sjbd cRd ydfV VA      (2.28) 

where: γRd is the partial safety factor to turn characteristic variables into design values; 

As1 and As2 are the top and bottom reinforcement area in the beam, respectively; Vc is 

the shear force transferred by the column above the joint.  

The assessment of the shear strength is performed through the Eqs (2.22) and (2.25), 

furnishing the strut and the tie contributions to the global strength. 

Alternatively, the integrity of the joint, after diagonal cracking, can be ensured by the 

introduction of horizontal stirrups: 

for interior joints:  

   1 2 1 0.8sh s s dRdywd ydf fA A A       (2.29)  

for exterior joints:       

 2 1 0.8sh s dRdywd ydf fA A       (2.30) 

2.4.2 Model proposed by Paulay and Priestley 

Strut-and-tie is the most common approach adopted by researchers to predict the 

behavior of beam-column joints. The basic idea behind the mechanism is well 

explained by Paulay and Priestley (1992). As already mentioned, when the joint is 

subjected to external forces, the compressive stress fields is represented by the 

diagonal strut, while the forces transferred through the tensile reinforcements, by 

means of bond, generate the ties (refer to Figure 2.16). According to Paulay and 

Priestley (1992) the horizontal joint shear strength is evaluated by the superposition of 

the two mechanisms, as follows: 

jh ch shV V V      (2.31) 

where Vch and Vsh denote the contributions of the strut and the tie mechanisms 

respectively.  

The horizontal component of the diagonal compression strut consists of a concrete 

compression force (Cc), a steel force (ΔTc) and the shear force from the column (Vc). 

On the other hand, the joint shear strength to be assigned to the truss mechanism (Vsh) 

is evaluated as the product of the stirrups area inside the joint (Asjh) and the yielding 

strength of the steel stirrups (fyj). 
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However, in the case of joints without transverse reinforcements, the horizontal shear 

strength Vjh is assumed to be equal to the horizontal contribution of the strut 

mechanism Vch only. 

This model is useful for evaluating the shear strength for both interior and exterior 

joints. 

2.4.3 Model proposed by Ortiz 

Strut-and-tie concept was also adopted by Ortiz (1993) to predict the shear strength 

of exterior beam-column joints with and without transverse reinforcements. 

 

 

       (a)                                                     (b)                                                 (c) 

Figure 2.19 Strut-and-tie model by Ortiz (1993). 

The resultants of the vertical forces Fv that act on the internal and external faces of the 

column are defined in the following: 

vi ti tec bN NF F F        (2.32) 

ve ti tecNF F F       (2.33) 

where: Fti and Fte are the internal and the external tensile forces in the column bars; Nc 

is the column axial load and Nb is the beam axial load. 

The joint shear force is assumed to be transferred across the joint by an inclined strut; 

in particular, the following equations can be written: 

sin veD F       (2.34) 

cos chD V       (2.35) 



  

 

34 

 

where: D is the force in the inclined strut and θ is the angle that the strut makes to the 

horizontal axis of the joint, which is given by: 

    arctan ve

ch

F

V
        (2.36) 

where: Fve and Vch are the external forces transmitted by the adjacent beam and column 

elements, respectively. 

The strength of the inclined strut is evaluated adopting a semi-rational approach 

assuming the concrete strength equal to σd (Model Code 1990) and the width of the 

inclined strut (wi) is established on the basis of the experimental results for specimens 

without stirrups provided by Ortiz. In particular, the following equations are used: 

0.6 1
250

c
d c

f
f
 

  
 

    (2.37) 

0.45i Ww       (2.38) 

where W is calculated as follows: 

sin cosc bW h a       (2.39) 

in which ab is the depth of the neutral axis of the beam evaluated assuming plane 

sections. 

Thus, it is possible to compute the force transmitted by the diagonal compression strut: 

d c iD b w         (2.40) 

Finally, the shear strength of exterior beam-column joints without transverse 

reinforcements is given by: 

cosjh d c iV b w      (2.41) 

Since W depends on ab and θ which are function of the applied loads, an iterative 

solution procedure is required to calculate this parameter. At first, the angle θ can be 

assumed, with reasonable accuracy, as follows: 

arctan b

c

h

h
      (2.42) 

where: hb and hc are the height of the beam and the height of the column cross-sections, 

respectively.  
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Once the horizontal shear strength of the joint is calculated, the forces Fve and Vch can 

be calculated from Eqs (2.34) and (2.35). Then, the angle θ’ is evaluated through Eq. 

(2.36) and the iterative procedure is concluded with the new value of the horizontal 

shear strength Vjh’, which is compared to the value Vjh previously assumed. 

Downstream of this process, the shear stress vjh is calculated as follows: 

jh
jh

b c

V
v

b h
      (2.43) 

When stirrups are provided, the strut width is assumed to increase by an amount δwi 

that represents the shear force transmitted by the stirrups and it is evaluated from the 

following equation: 

1

cos

sjh yj
i

c cc c

fAD
w

f fb b





     (2.44) 

where: Asjh is the area of the stirrups inside the joint and fyj is the yield strength of the 

steel used for the stirrups. 

Then, the diagonal compression strut can be computed: 

 d c i iD b w w       (2.45) 

The horizontal shear strength for joints with stirrups is given by: 

sjhjh ch yjfV V A       (2.46) 

2.4.4 Model proposed by Parker and Bullman 

Parker and Bullman (1997) developed a strut-and-tie shear strength model based on 

the one previously developed to predict the shear strength of RC beams. This model 

depends on the effective shear span αv and the critical inclination angle of the strut 

θcrit. 
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Figure 2.20 Strut-and-tie model by Parker and Bullman (1997). 

An empirical expression for the shear span is suggested: 

0.8 0.8v b Rd       (2.47) 

where R is the hook radius of the beam reinforcement. Thus, the shear span ratio is 

defined as: 

v

d


       (2.48) 

The critical strut angle can be determined as follows: 

       tan 1
2crit


                  for 0.5     (2.49a) 

                 
2

3
( 0.75)1tan

2 (6 2.5 )
crit


  


 


   for 0.5    (2.49b) 

The shear strength of the joint is thus obtained: 

( ) tan 0.8vjh crit jh jy c
N df fV V bA        (2.50) 

where            

(1 tan )
(tan 1 tan )

crit

crit crit


 





     (2.51) 

and ν is the concrete softening coefficient, based on the Eurocode 2 expression: 

0.56 0.004 0.40
cf        (2.52) 
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2.4.5 Model proposed by Sarsam and Phipps 

Sarsam and Phipps (1985) proposed the following equations for the design of 

exterior beam-column joints under monotonic loading: 

1.33

0.33
( )5.08 1 0.29 c

ch c c

c

d NcRV b dc c
d Ab


 

  
 

  (2.53) 

0.87 sjhsh yjfV A     (2.54) 

The sum of the two above contributions, namely the shear force transmitted by the 

concrete and the one acting through the transverse reinforcements, furnishes the joint 

shear strength: 

jh ch shV V V      (2.55) 

where: Rc is the concrete cube strength; ρc is the column longitudinal reinforcement 

ratio; dc and db are the column and beam depth, respectively; Asjh is the total area of 

the transverse reinforcement into the joint. 

A limit of axial load ratio of N/(fcAg)≤0.42 and a limit of ρc≤0.02 were set due to the 

lack of available test results beyond these limits. 

2.4.6 Model proposed by Vollum and Newman 

Vollum and Newman (1999) developed a fixed angle softened strut-and-tie model 

based on a database of monotonic exterior beam-column joint tests. The model 

considered the joint aspect ratio and beam reinforcement details as influential 

parameters, while the effect of the axial load was not considered as an influential 

parameter. The model did not include an explicit method to evaluate the strut capacity 

or the mode of failure of the analyzed joints. 
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Figure 2.21 Strut-and-tie model by Vollum and Newman (1999). 

In the case of joints without stirrups, the following expression is proposed for the 

calculation of the shear strength: 

0.642 1 0.555 2 b
jh j c c

c

h
fV b h

h

  

    
  

  (2.56) 

where: β is 1.00 for connections with L-bars and 0.90 for connections with U-bars. 

The joint effective width bj is evaluated as follows: 

min ;
2 2

c b c
j b

b b h
b b

 
  

 
   for bb ≤ bc   (2.57a) 

 min ;
2

c
j b c

h
b b b

 
  

 
           for bb > bc    (2.57b) 

The maximum joint shear strength is limited to: 

0.97 1 0.555 2 1.33b
jh j c j cc c

c

h
f fV b h b h

h

  
     

  
  (2.58) 

based on the assumption that the joint shear strength reduces linearly as the joint aspect 

ratio is increased; more in detail, a reduction of about 35% of the original strength is 

observed when the aspect ratio of the joint is in the range 1<hb/hc<2. Furthermore, the 

model suggested increasing the joint shear strength by 33% to account for the presence 

of transverse beams. 

2.4.7 Model proposed by Zhang and Jirsa 
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The approach followed by Zhang and Jirsa (1982) is based on a large number of 

experimental data from literature with the aim of determining the shear strength and 

the behavior of beam-column joints under monotonic and cyclic loadings. A single 

diagonal strut is assumed to govern the resisting mechanism of the joint, which is 

affected by these variables: concrete compressive strength, column axial load, joint 

aspect ratio, transverse reinforcement ratio, eventual orthogonal beams. Moreover, two 

different formulations were provided depending on forming plastic hinges due to beam 

reinforcement yielding in the beams adjacent to the joint: 

2 2 cosjh c c bc
K fV b a a      for joints without beam hinge  (2.59a) 

cosjh c cc
K fV b a               for joints with beam hinge  (2.59b) 

where: K is a parameter representing the effect of concrete strength; ζ represents the 

effect of the volumetric transverse reinforcement ratio ρj; γ represents the effect of the 

lateral beams. These three variables are computed as follows: 

1.2 0.1
c

K f       (ksi)      (2.60) 

0.95 4.5 1.20j        with    0.01 0.06j      (2.61) 

0.85 0.30 L

c

W

h
             with    0.5 1.0L

c

W

h
       (2.62) 

in which WL is the width of the lateral beam. 

Furthermore, ac and ab are the depth of the compression zone in column and beam, 

respectively, while θ is the angle of inclination of the diagonal strut, function of the 

joint aspect ratio. 

2.4.8 Model proposed by Hegger et al. 

Hegger et al. (2003) developed a model based on various experimental results. As 

generally suggested, the shear strength of exterior joints was assumed to be the 

superposition of the concrete resistance Vch and shear reinforcement resistance Vsh. In 

particular, the first contribution is expressed as follows: 

1ch j cABCV b h      (2.63) 

where: α1 is a parameter reflecting the effect of the anchorage system of the beam 

reinforcement into the joint; A is a parameter for the joint slenderness; B represents the 
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column reinforcement ratio; C is a function of the concrete compressive strength. The 

effective width bj is evaluated according to ACI 352-02 (2002) as expressed in Eqs 

(2.15a) and (2.15b). 

On the other hand, the shear resistance contribution due to the stirrups inside the joint 

is given by: 

2 sjhsh yjfV A     (2.64) 

where: α2 is the efficiency factor for the shear reinforcement and Asjh is the area of the 

shear reinforcements. 

Both the parameters α1 and α2 can be computed following an iterative regression 

analysis as suggested by Hegger et al. (2003). On the basis of experimental outcomes, 

the authors provided empirical expressions to evaluate the parameters A, B and C 

presented in Eq. (2.63).  

An upper limit was provided for the shear force based on experimental results: 

,max 1 2 30.25 2jh j c chcfV b h V      (2.65) 

where γ1, γ2, γ3 are numerical coefficients taking into account the anchorage efficiency 

of the beam longitudinal reinforcement, the column axial load and the joint slenderness 

of the connection, respectively. 

Concerning interior beam-column joints, a simpler equation was established: 

0.25jh j ccfV b h      (2.66) 

2.4.9 Model proposed by Hwang and Lee 

Hwang and Lee (1999) proposed a softened strut-and-tie model satisfying 

equilibrium, compatibility, and constitutive laws for cracked reinforced concrete. The 

joint shear resisting mechanism is composed of: a) the diagonal strut mechanism; b) 

the horizontal mechanism and c) the vertical mechanism, which are depicted in Figures 

2.22 and 2.23. The basic assumption is that bond deterioration of beam reinforcement 

should be tolerated, leading to a predominance of a diagonal strut to resist joint shear. 

Additional horizontal and vertical components are associated with this mechanism, 

due to joint hoops and column intermediate reinforcements. The equilibrium 

requirement is satisfied by equating the sum of horizontal components of compression 
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force in diagonal strut, tension force in horizontal ties and the horizontal component 

of tension force in vertical tie to the horizontal joint shear force. 

 

 

Figure 2.22 Softened strut-and-tie model by Hwang and Lee (1999); a) diagonal; b) horizontal and c) 

vertical mechanism. 

 

Figure 2.23 Softened strut-and-tie forces: a) forces acting on the joint region; b) forces acting on 

nodes. 

The effective area of the diagonal strut Astr is defined as a function of the strut depth 

as and the effective width of the joint bj. In particular, the first component is 

approximated by: 

s ca a      (2.67) 

0.25 0.85c c

cc

N
a h

f A

 
  
 

   (2.68) 

where ac is the column compression zone depth and Ac is the cross-sectional area of 

the column. The beam compression zone depth is neglected, due to its small dimension 
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in yielding beams. This assumption may limit the use of this model to cases where 

beam yielding precedes joint shear failure. The effective strut width bj is calculated 

using ACI 318-08 code indications. 

The horizontal joint shear force is: 

cos coth vjh DV F F       (2.69) 

where: Fh and Fv·cotθ are the horizontal and vertical shear force components, 

respectively, and D is the diagonal compression force in the concrete strut. The basic 

equilibrium equations of the forces in the three mechanisms are: 
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   (2.70c) 

where: Rd, Rh, Rv are the diagonal, horizontal and vertical shear force mechanism 

contributions, respectively, which are evaluated as follows: 

(1 )(1 )

1

h v
d

h v

R
 

 

 



    (2.71a) 

(1 )

1

h v
h

h v

R
 

 





     (2.71b) 

(1 )

1

h h
v

h v

R
 

 





     (2.71c) 

in which γh is the fraction of horizontal shear transferred by the horizontal tie in the 

absence of vertical tie, while γv is the fraction of vertical shear transferred by the 

vertical tie in the absence of horizontal tie. Both these fractions must be less than 1.0 

and are computed as follows: 

2 tan 1

3
h





 ; 

2cot 1

3
v





     (2.72) 

However, it is worth highlighting that the three mechanisms coexist together only if 

stirrups are provided inside the joint panel. In the case of joints without transverse 

reinforcements, the shear resisting mechanism is composed by two contributions, 
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namely the diagonal and the vertical mechanisms. For high values of the strut angle θ, 

a predominance of the diagonal contribution is observed, while the importance of 

intermediate column steel reinforcements declines. The maximum compressive stress 

on the nodal zone, useful to check whether the joint strength is achieved, is: 

" "
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   (2.73) 

where, besides the variables already introduced, hb
” and hc

” are the dimensions 

identifying a rectangular region which represents the effective joint core according to 

the authors; for sake of simplicity, these two parameters can be assumed equal to beam 

and the column internal lever arms, respectively. However, it was observed that the 

shear failure is also governed by phenomenon of softening of concrete. Thus, the 

following softened law is considered: 

                            

2

0

2
0

d
d c

df



 

   
    
     

    for  
0

1d

 
        (2.74) 
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   (2.75) 

where: σd is the average principal stress of concrete in the strut direction; ζ is the 

softening coefficient; εd and εr are the average principal strains in the diagonal strut 

direction (d) and in its corresponding mirror direction (r), as shown in Figure 2.23; ε0 

is the concrete compression strain corresponding to fc (for 20≤ fc≤100 MPa). 

If the maximum compressive stress (σd,max) in the nodal zone is less than the capacity 

of the cracked concrete (ζ·fc), the diagonal compression should be increased. The joint 

reaches its capacity when the maximum compressive stress exceeds the concrete 

capacity. The constitutive relationship used for the concrete is depicted in Figure 2.24. 
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Figure 2.24 Constitutive relationship for concrete adopted by Hwang and Lee (1999). 

The forces in the tension ties can be obtained from the corresponding strains: 

h sjh s yh sjhh yjfF A E F A      (2.76) 

v sjv s yv sjvv yjfF A E F A      (2.77) 

Due to the complexity of the above procedure, an iterative analysis must be adopted 

or, as suggested by the authors, the following simplified solution can be developed. A 

factor representing the beneficial effects of the tie force on the shear strength is 

proposed: 
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        (2.78) 

The nominal diagonal compressive strength is provided as follows: 

, strd n c
K fC A      (2.79) 

For sake of simplicity, constant values are assumed for the strains εd and εr. As a result, 

the softening coefficient ζ is equal to: 

3.35
0.52

cf
        (2.80) 
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The additional contribution term related to the horizontal tie is provided by the 

following equation: 

2

1

1 0.2( )
h

h h

K
 


 

    (2.81) 

The corresponding horizontal tie force is: 

( )cosstrh hh cf AF K       (2.82) 

In the case of poorly reinforced joints, the index Kh can be approximated by a linear 

interpolation using the balanced amount of the horizontal tie force: 

1 ( 1)
yh

h h h

h

F
K K K

F
        (2.83) 

For what concerns the vertical tie contribution, the set of equations is the same as Eqs 

(2.81), (2.82) and (2.83), except that all the subscripts h are replaced by v and cosθ and 

sinθ are interchanged. 

The maximum beneficial effect due to sufficient tension ties in increasing the shear 

strength (K) can be approximated by the following addition: 

1h vK K K        (2.84) 

Finally, the shear strength of the joint is provided by the projection of the diagonal 

nominal strength Cd,n: 

, cosjh d nV C       (2.85) 

2.4.10 Model proposed by Bakir and Boduroglu 

Bakir and Boduroglu (2005) proposed an empirical model based on a parametric 

study on joint shear strength of 58 tests from the literature. The authors observed that 

the main parameters affecting the shear behavior of exterior joints are: concrete 

cylinder strength, column and beam reinforcement ratios, beam reinforcement 

anchorage types (U or L bars), joint aspect ratio and stirrups inside the joint. As other 

models previously analyzed, the shear strength is evaluated through the addition of 

concrete resistance (Vch) and the stirrup yield capacity (Vsh). The first contribution is 

calculated as follows: 
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0.4289
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  (2.86) 

in which the parameter β depends on the beam reinforcement anchorage type (0.85 for 

U bars and 1.00 for L bars); γ is equal to 1.37 for inclined bars and 1.00 for others. 

The contribution of the joint stirrups is given by: 

sjhsh yjfV A     (2.87) 

where α depends on the amount of stirrups inside the joint (0.664 for joints with low 

amount of stirrups, 0.600 for joints with medium amount of stirrups, 0.370 for joints 

with high amount of stirrups). The low, medium and high amount of stirrups is defined 

by the stirrup ratio ρjh. 

The column axial load and the effect of column longitudinal reinforcements are not 

considered as influential parameters on the joint shear behavior. 

2.4.11 Model proposed by Kim and LaFave 

Kim and LaFave (2009) proposed an empirical shear strength model based on a 

Bayesian parameter estimation method applied to an experimental database collecting 

341 joints, including 212 interior joints, 110 exterior joints and 17 knee joints; among 

the 110 exterior joints, 104 were 2D joints and only 10 were without transverse steel 

reinforcement. For all the specimens considered, the steel longitudinal reinforcements 

in beams and columns were composed by ribbed bars. 

The authors started from the assumption that the concrete “strut-and-truss” is the main 

shear-resistance mechanism of RC joints. The probabilistic method provided the 

following equation to evaluate the shear strength of joints, which was observed to be 

function of the concrete compressive strength, the beam longitudinal reinforcement, 

the joint transverse reinforcement, in-plane or out-of-plane geometric configuration, 

and the joint eccentricity: 

0.750.15 0.30( )( ) ( )jh t tt t
fJI BIv c      (2.88) 

where:  
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- αt is a parameter indicating the in-plane geometry (1.0 for interior joints, 0.7 

for exterior joints and 0.4 for knee ones); 

- βt is a parameter describing the out-of-plane geometry (1.0 for joints without 

or with one transverse beam and 1.18 for connections with two orthogonal 

beams); 

- ηt accounts for the beam eccentricity eb as follows: 

0.67

1t

eb

bc


 
  
 

    (2.89) 

- λt is a coefficient assumed equal to 1.31; 

- JI is the joint transverse reinforcement index: 

0.0139
j yj

c

f
JI

f


      (2.90) 

in which ρj is the joint transverse reinforcement ratio and the limit 0.0139 was 

set for taking into account joints without transverse reinforcement; 

- BI is the beam reinforcement index provided by; 

b yb

c

f
BI

f


      (2.91) 

The beam reinforcement ratio ρb and the joint transverse reinforcement ratio ρj are 

evaluated through the following equations: 

sb
b

b b

A

b h
       (2.92) 

( 2 )'
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c c b b
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h b h d
 


    (2.93) 

The authors observed that as the compressive strength of concrete or the steel 

reinforcement in the beam increase, both the shear stress and strain increase. 

Moreover, the global strength and stiffness of the joint increase if transverse 

reinforcement inside the joint panel is provided. 

2.4.12 Model proposed by Jeon 
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The model proposed by Jeon (2013) utilized the basic predictor variables suggested 

by Kim and LaFave (2009) for a wider experimental database including 715 RC joints, 

including 375 interior joints and 340 exterior joints; among the latter ones, 269 were 

2D joints and 168 were without transverse steel reinforcement. The authors employed 

a multiple linear regression to develop the relationship between the joint shear strength 

and the several independent variables in a log-transformed space, in conjunction with 

an analysis of variance test. In particular, two types of beam-column joints have been 

investigated, namely ductile and non-ductile sub-assemblages, depending on the 

presence or the absence of seismic details (transverse reinforcements, deformed bars, 

sufficient anchorage length of the bars) provided by the selected literature studies. The 

proposed shear strength equations furnished an R-squared value of 0.858 for non-

ductile and 0.913 ductile experimental databases, showing a good correlation. The 

proposed model is described by the following empirical relationships: 

0.9411.250.774 0.4950.586jh fv JPTB BI c            for non-ductile joints  (2.94) 

0.28 0.125

0.7960.078 1.5091.103 0.3421.113 1jh
e bb b fv JI JPTB BI c
b bc c

   
    

   
      for ductile joints 

(2.95) 

where: 

- TB is the out-of-plane confining factor (1.0 and 1.2 for sub-assemblages with 

0 to 1 and 2 transverse beams respectively); 

- BI is the beam reinforcement index defined by Eq. (2.91); 

- JP is a parameter describing the in-plane geometry (1.0 for interior joints, 0.75 

for exterior joints and 0.5 for knee ones); 

- JI is the joint transverse reinforcement index defined by Eq. (2.90). 

 

As it will be discussed in the following Chapter, the evaluation of the shear strength 

of beam-column joints is a fundamental issue in the assessment of the mechanical 

behavior of these elements. In fact, starting from the peak shear strength, the main 

phases of the shear behavior of the joints are generally described by multilinear 

relationships in terms of shear stresses and strains. For the purposes of this work, five 
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of the abovementioned literature models have been selected and employed in the 

numerical modeling of exterior unreinforced joints, namely the models by: 

1- Kim and LaFave (2009); 

2- Vollum and Newman (1999); 

3- Ortiz (1993); 

4- Hwang and Lee (1999); 

5- Jeon (2013). 

 A more detailed description on the implementation of these capacity models into the 

numerical modeling framework will be provided in Chapter 4. 

 

2.5 Parameters affecting the seismic performance of 

joints 

The capacity models reported in the previous sections take into account a large 

number of parameters. In all the examined cases, these parameters directly include the 

geometric dimensions of the joint, namely the beam width (bb) and the column width 

(bc). Other properties, such as the beam and column longitudinal reinforcements, are 

considered by the most of the models, but they are not taken into account in some 

cases. 

The effect of the most important geometric and mechanical properties has been widely 

investigated in the literature. 

One of the main geometric parameters is the joint aspect ratio, namely the ratio of 

beam depth (hb) to column depth (hc). Several analytical and experimental 

observations highlighted that the joint shear strength decreases as the joint aspect ratio 

increases. Since the main mechanism generated by the external forces acting in the 

joint region is the strut mechanism, the definition of the joint aspect ratio is commonly 

represented by the inclination of the strut angle (θ) to the horizontal axis. The joint 

reaches its maximum strength for diagonal strut at a 45 degree angle. This definition 

assumes the entire joint as a shear panel transferring loads through direct normal and 

shear stresses. A second definition derives in the case in which the diagonal strut is 

assumed to be constrained within the outermost beam and column longitudinal bars. 
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The joint aspect ratio is then defined as the ratio hb
”/hc

”, which are the distances 

between the outermost beam longitudinal reinforcements and column longitudinal 

reinforcements, respectively. The experimental results provided in Hassan (2011) 

observed that joints with higher aspect ratio are more flexible and have a greater 

contribution on the joint overall deformation. 

The concrete compressive strength (fc) is taken into account in all the examined 

capacity models as a fundamental property affecting the joint shear behavior. In 

particular, the proposed formulations are rather sensitive to the variation of concrete 

strength, resulting in increasing relationship between the shear strength and fc.  

The column axial load is another parameter studied in several literature works. In fact, 

some studies showed that the joint shear strength increases as axial load increases 

(Pantelides et al., 2002) (Clyde et al., 2000), while some other studies found that shear 

strength is not affected by axial load (Vollum & Newman, 1999), and other few studies 

found that shear strength decreases with increasing axial load (Pantazopoulou & 

Bonacci, 1992). However, most of the studies agree in believing that high values of 

axial load reduce the ductility capacity, leading to rapid strength degradation after the 

peak strength. The effect of the column axial load depends on the mechanisms 

associated with joint shear resistance. The studies by Hassan (2011) showed highest 

beneficial effects for an axial load ratio greater than 0.2, while less significant effects 

are observed for values smaller than 0.2. The increase in shear strength with increasing 

axial load was observed to be clearer for joints experiencing J-failure than joints with 

BJ-failure, showing that the beam flexural capacity is not affected by axial load.  

Lima (2010) showed that several literature models develop an increasing relationship 

between the shear strength and the axial load ratio for small values of axial stress. After 

a certain limit value of the axial stress, the shear strength decreases rapidly to zero. For 

some other models, the authors observed a constant relationship between the two 

variables. In general, higher axial load values tend to reduce the drift capacity of the 

joints. 

The effect of the beam reinforcement ratio has also been investigated by several 

authors. In particular, Moehle (1998) stated that the shear strength of exterior 

unconfined joints was equal to the shear stress demand transferred by the beam flexural 



  

 

51 

 

capacity with an upper limit of 12·(fc)
0.5, corresponding to the J-failure mode. The same 

assumption was provided by Park (2002), who tested four corner joints without 

transverse reinforcements, showing that a brittle failure occurs in the joint if the shear 

stress demand derived from the beam plastic moment is higher than basic joint shear 

strength. On the contrary, a BJ-failure may occur if a lower beam reinforcement ratio 

is provided, leading to the beam yielding before the joint failure, with a more ductile 

response. 

As shown by Lima (2010) the column reinforcement ratio does not particularly affect 

the joint shear behavior. Code formulations do not take into account the amount of 

longitudinal reinforcement in the column for evaluating the joint strength, while only 

few analytical capacity models are influenced by this parameter, showing however 

small variations in the shear strength (Zhang & Jirsa, 1982) (Sarsam & Phipps, 1985) 

(Parker & Bullman, 1997). Moreover, a constant trend is observed in the shear strength 

if this mechanical property increases. 

The influence of transverse reinforcements inside the joint panel was usually neglected 

in past codes and design guidelines, leading to a premature brittle failure of the joint 

subjected to shear forces. On the contrary, more recent seismic codes, based on the 

damages occurred during the main earthquakes in the past years, explicitly provide 

specific rules to account for the design of transverse reinforcements in beam-column 

joints. As a consequence, even the capacity models available in the scientific literature 

take into account the influence of the amount of horizontal reinforcement on the shear 

strength of RC joints, resulting in growing relationship between the shear strength and 

the amount of transverse reinforcement (Hwang & Lee, 1999) (Kim & LaFave, 2009) 

(Jeon, 2013). Based on both experimental outcomes and/or empirical studies on the 

behavior of joints, most of the abovementioned capacity models result influenced by 

even low amount of horizontal stirrups, while their sensitivity to high values of this 

property is less noticeable. Relatively few models, developed before the current 

seismic codes, do not take into account the amount of reinforcement into the panel in 

their formulation (Ortiz, 1993).   
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3. EXPERIMENTAL DATABASE FROM 

THE LITERATURE 

Since the aim of this thesis is to assess the monotonic and cyclic performance of 

exterior joints without transverse reinforcements and without orthogonal beams, a set 

of fifteen specimens selected from the literature and representative of typical exterior 

beam-column joints has been selected.  

The database comprises the following beam-column joint tests: 

- J05 and J01 (Realfonzo et al., 2014); 

- TU3 and TU1 (Pantelides et al., 2002); 

- #4 (Clyde et al., 2000.); 

- T#1 (De Risi et al., 2016); 

- T_C3 (Del Vecchio et al., 2014); 

- T01 (Hadi and Tran, 2016); 

- T0 (El-Amoury and Ghobarah, 2002); 

- BS-L (Wong, 2005); 

- J40 (Hassan et al., 2018); 

- C1 and C2 (Antonopoulos and Triantafillou, 2003); 

- J2 (Shafaei et al., 2014); 

- O1 (Tsonos, 2002). 

The typical geometric configuration of the specimens is reported in Figure 3.1, which 

also describes the typical external loads applied to the joints, namely the column axial 

load (N) and the cyclic load (F) applied to the end of the beam in the push (+) and pull 

(-) direction. 
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Figure 3.1 Typical exterior RC beam-column joint configuration from the experimental database. 

Concerning the test set-up adopted by the authors, the column member was either 

vertical or horizontal and restrained to both ends, simulating a roller-hinged boundary 

scheme. For some specimens, the horizontal force at the beam tip was cyclically 

applied in displacement control through a hydraulic actuator (Del Vecchio et al., 2014) 

(De Risi et al., 2016) (Realfonzo et al., 2014) (Pantelides et al., 2002) (El-Amoury & 

Ghobarah, 2002) (Hassan et al., 2018) (Shafaei et al., 2014)  (Antonopoulos & 

Triantanfillou, 2003) (Tsonos, 2002), while for other specimens the cyclic force was 

applied in two different phases, the first one in load control, until the attainment of the 

yield strength of the beam rebars, and the second one in displacement control after the 

yielding point (Clyde et al., 2000) (Hadi & Tran, 2016) (Wong, 2005). 

Beams and columns are reinforced with deformed steel bars, which are symmetrical 

arranged, except in the case of the specimens T_C3 (Del Vecchio et al., 2014) and J2 

(Shafaei et al., 2014), where the top steel reinforcement area in the beam is higher than 

the bottom one. No transverse reinforcement is located in the joint panel zone, in 

accordance with past code prescriptions. Transverse reinforcement in beams and 

columns was designed to avoid shear failure of these elements, in order to induce shear 

failure of the joint. The specimens TU1 (Pantelides et al., 2002) and T0 (El-Amoury 

& Ghobarah, 2002) were equipped with an insufficient anchorage length of the bottom 
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steel rebars, since the authors aimed at investigating the influence of the bond failure 

due to the slippage of the longitudinal reinforcements in the beam. 

The main parameters characterizing the experimental joints are summarized in Table 

3.1. 

Table 3.1 Main geometric and mechanical properties of the experimental joints. 

Reference ID 
N 

[kN] 

bc 

[mm] 

hc 

[mm] 

bb 

[mm] 

hb 

[mm] 

As,c 

[mm2] 

As,b 

[mm2] 

A’s,b 

[mm2] 

Lc 

[mm] 

Lb 

[mm] 

fc 

[MPa] 

Realfonzo et 

al. (2014) 

J01 296 300 300 300 400 615 942 942 2400 1580 16.4 

J05 296 300 300 300 400 1231 1257 1257 2400 1580 14.8 

Pantelides et 

al. (2002) 

TU3 562 406 406 406 406 3927 2463 2463 3200 1689 34 

TU1 546 406 406 406 406 3927 2463 2463 3200 1689 33.1 

Clyde et al. 

(2000) 
#4 1430 457 305 305 406 2281 2463 2463 2570 1498 41 

De Risi et al. 

(2016) 
T#1 260 300 300 300 500 2513 1257 1257 3400 1800 28.8 

Del Vecchio et 

al. (2014) 
T_C3 293 300 300 300 500 804 1005 603 3400 1800 16.3 

Hadi & Tran 

(2016) 
T01 0 200 200 200 300 603 453 453 2200 1200 41 

El-Amoury & 

Ghobarah 

(2002) 

T0 600 250 400 250 400 943 1257 1257 2850 1870 30.6 

Wong (2005) BS-L 417 300 300 260 450 982 943 943 2650 1450 30.9 

Hassan et al. 

(2018) 
J40 720 300 400 250 400 1095 1963 1963 1600 1550 16.2 

Antonopoulos 

& 

Triantafillou 

(2003) 

C1 46 200 200 200 300 308 462 462 1000 1100 19.5 

C2 46 200 200 200 300 308 462 462 1000 1100 23.7 

Shafaei et al. 

(2014) 
J2 220 250 250 220 250 462 616 462 1750 1375 23.3 

Tsonos (2002) O1 256 200 200 200 300 308 616 616 1100 1000 16 

Legend: As,b: area of the top longitudinal reinforcement in the beam, A’s,b: area of the bottom 

longitudinal reinforcement in the beam (all the other symbols were already introduced). 

  

Some of the collected tests were used as control specimens in experimental 

investigations devoted to examine the effectiveness of Fiber Reinforced Polymer/Fiber 

Reinforced Cementitious Matrix (FRP/FRCM) reinforcement systems (J01 and J05 by 

Realfonzo et al. (2014); T_C3 by Del Vecchio et al (2014); T01 by Hadi and Tran 

(2016); T0 by El-Amoury and Ghobarah (2002); C1 and C2 by Antonopoulos and 



  

 

55 

 

Triantafillou (2003)), but this aspect has not been analyzed in the present study because 

out of its scope. 

The tests were performed through the application of a constant axial load on column 

and a cyclic displacement history at the end of the beam, except in the case of the 

specimen #4 (Clyde et al., 2000), in which the axial load ratio was set to the initial 

value of 0.1, and then left to change during the test. 

In the following, a more detailed description of the experimental tests included in 

database is provided. 

3.1 Specimens from Realfonzo et al. (2014) 

Realfonzo et al. (2014) carried out an experimental campaign with the aim of 

assessing the cyclic behavior of exterior beam-column joints. Some specimens were 

strengthened using different FRP systems, while some others were used as control 

(unstrengthened) members. Among these, the two control specimens have been 

selected for the purposes of this thesis, namely the joins J05 and J01, which are 

depicted in Figure 3.2. 

 

Figure 3.2 Specimens J05 (a) and J01 (b) tested by Realfonzo et al. (2014) (dimensions in mm). 

J05 

 

(a) 

J01 

 

(b) 
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The two specimens are characterized by the same geometry but different amounts of 

longitudinal steel reinforcement in the beams and columns. As shown, the columns 

have a square 300x300 mm2 cross section and a length of 2000 mm, whereas the beams 

have a rectangular 300x400 mm2 cross section and a clear length of 1500 mm. 

Therefore, the joint panels have a rectangular 300x400 mm2 plan section. 

In the specimen J01, with the aim of simulating the behavior of joints with weak 

column, the longitudinal steel reinforcement in the beam and column members consists 

of (3+3)φ20 and (2+2)φ14 deformed rebars, respectively. 

In the specimen J05, in order to simulate the behavior of joints with strong column, a 

different amount of steel reinforcement ratio was considered, with beam and column 

reinforced by using (4+4)φ20 and (4+4)φ14 rebars, respectively. 

The transverse reinforcement in the beam and column members consisted of 8 mm 

diameter steel stirrups, 100 mm spaced; instead, no steel stirrups were placed in the 

joints. 

The cylinder compressive strength (fc) was equal to 14.80 MPa for the joint J05 and 

16.40 MPa for the joint J01, while the yield strength of all steel reinforcements was 

equal to 490 MPa. 

The axial load applied to the column was set to the value of 296 kN and kept constant 

during the tests.  

The horizontal force was cyclically applied in displacement control at the beam tip 

through a 250 kN MTS hydraulic actuator. An increment of the imposed displacement 

every three cycles was considered in order to evaluate the strength and stiffness 

degradation at repeated lateral load reversals. The increment of the displacement 

amplitude was given as fraction of the estimated beam yield displacement Δy (14 mm); 

two different displacement rates were considered during the tests: 0.2 mm/s before the 

achievement of Δy and 1 mm/s after Δy. 

The experimental results showed that both the joints experienced a typical shear failure 

in the joint core followed by the detachment of the external concrete wedge after the 

development of main cracks under the panel region. 

 



  

 

57 

 

3.2 Specimens from Pantelides et al. (2002) 

Pantelides et al (2002) performed cyclic tests on exterior beam-column joints with 

various axial load values. The six test units were full-scale models of typical exterior 

beam-column joints in RC buildings found in the United States before 1970. The 

longitudinal and transverse reinforcement in the beam and the column was increased 

to prevent early degradation of the beam and column, forcing a shear mode of failure 

in the joint. No transverse reinforcement was provided in the joint core.  

Specimens TU3 and TU1 have been chosen for the purposes of this work. The main 

difference between the two specimens is related to the different failure modes 

experienced; in particular, the joint TU3 was designed with aim of showing a shear 

failure of the joint panel, while the joint TU1 experienced a bond-slip failure of the 

beam longitudinal bottom bars, which did not have an adequate anchorage length 

inside the joint. The reinforcement details and dimensions of the selected joints are 

given in Figure 3.3. As seen in Figure 3.3b, TU1 had top beam bars bent into the joint 

in the form of a hook covering full joint depth and the bottom bars were embedded 

only up to 6 inches (about 150 mm) inside the joint. 

Both the specimens had similar concrete compressive strength (34 MPa for the joint 

TU3 and 33.1 MPa for the joint TU1) and the same yield strength of the steel 

reinforcements (458.5 MPa for the beams, 469.5 MPa for the columns and 427.47 MPa 

for the stirrups).  

The beams were equipped with (4+4)#9 (about 28.58 mm2) steel rebars, while the 

columns with (4+4)#8 (about 25.40 mm2) steel rebars.  

The axial loads in the columns were kept constant during the tests with values of 562 

kN and 546 kN for TU3 and TU1, respectively. 
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Figure 3.3 Specimens TU3 (a) and TU1 (b) tested by Pantelides et al. (2002) (dimensions in inches). 

3.3 Specimen from Clyde et al. (2000) 

A research similar to that of Pantelides et al. (2002) was conducted by Clyde et al. 

(2000) in the same laboratories of the Utah University (California). Cyclic tests on 

four exterior beam-column joints with various axial load values were performed. The 

beam bars were bent into the joint in all the cases. The joints were designed in a way 

to have joint shear failure before the yielding of the beam bars. A typical exterior 

beam-column joint in a reinforced concrete frame building built in 1964 was chosen 

as a model for the project. The overall dimensions of the original joint were reduced 

by half, and reinforcing details were reduced based on shear stress calculations. The 

longitudinal reinforcement in the beam was increased to prevent early degradation of 

the beam, forcing a shear mode of failure in the joint. There is no transverse 

reinforcement within the joint core. 

The specimen selected in this work is referred as test #4, whose dimensions and 

structural details are shown in Figure 3.4. The compressive strength of the joint was 

TU3 

 

(a) 

TU1 

 

(b) 
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equal to 41 MPa, while the yield strength of the steel bars was 454 MPa for the beam, 

469 MPa for the column and 427 MPa for the stirrups.  

The longitudinal reinforcements was made up of (4+4)#9 (about 28.58 mm2) bars in 

the beam and (3+3)#7 (about 22.23 mm2) in the column. 

 

 

Figure 3.4 Specimen #4 tested by Clyde et al. (2000) (dimensions in inches). 

Test #4 was performed with axial stress on the column as 0.25fc. The axial load was 

set to the calculated initial value and then left to change at will as the beam was 

subjected to lateral reversals. At first, the lateral load applied at the end of the beam 

was load-controlled with three cycles at every load step; then, after the first yielding 

of the beam longitudinal reinforcement, the test was carried out using displacement-

control. Three cycles were performed at each displacement step and the displacement 
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was increased as a fraction of the initial yield displacement. The test continued until 

the lateral load dropped below approximately 50% of the peak value. 

3.4 Specimen from De Risi et al. (2016) 

The study conducted by De Risi et al. (2016) is focused on exterior joints without 

transverse reinforcement. In particular, the test T#1, shown in Figure 3.5, corresponds 

to a RC frame designed according to seismic prescriptions for high seismicity level, in 

compliance with older Italian codes.  

Geometry and longitudinal reinforcement amount in beams and columns have been 

defined according to code recommendations and design practices in force in Italy 

between 1970s and 1990s. Beams and columns were symmetrically reinforced with 

(4+4)φ20 deformed bars. Top and bottom beam longitudinal bars are hooked bent at 

90° into the joint core for a length of 200 mm.  

Transverse reinforcement in beams and columns was designed to avoid shear failure 

of these elements, in order to not preclude shear failure of joint, while no stirrups were 

in the panel zone.  

A mean value of 28.8 MPa was established for the concrete compressive strength, 

while the adopted reinforcing steel had a yield strength of 487 MPa.  

Column axial load corresponding to gravity loads acting on this joint was equal to 260 

kN. 

The lateral load was applied cyclically in displacement control, in a quasi-static 

process, at the end of the beam. Each displacement step consisted of three cycles of 

push and pull. 
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Figure 3.5 Specimen T#1 tested by De Risi et al. (2016) (dimensions in mm). 

3.5 Specimen from Del Vecchio et al. (2014) 

Del Vecchio et al. (2014) investigated the behavior of unconfined joints that do not 

conform to current seismic codes and the effectiveness of externally bonded fiber-

reinforced polymers (FRP) as a strengthening technique. Six full-scale RC exterior 

joints were tested under constant axial load and transverse cyclic loading.  

The control specimen T_C3 has been chosen to be studied for the purposes of this 

thesis. The structural members under investigation, as depicted in Figure 3.6, were 

typical of frames designed for gravity loads. An orthogonal beam stub was also 

designed to represent a typical corner joint.  

The dimensions of members and the reinforcement ratios were chosen to reproduce 

subassemblies with a weak column and strong beam configuration and to achieve shear 

failure in the joint panel under simulated seismic action.  
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The considered specimen had a cylindrical compressive strength of 16.3 MPa, typical 

of older-type RC frame buildings, with a yield strength of the reinforcing steel equal 

to 470 MPa.  

Beams and columns are reinforced with deformed steel bars; the top steel 

reinforcement area in the beam was made up of 5φ16 bars, while the bottom area was 

composed of 3φ16 steel bars. The reinforcements placed in the column were 

represented by (2+2)φ16 bars. 

 

 

Figure 3.6 Specimen T_C3 tested by Del Vecchio et al. (2014) (dimensions in mm). 

A constant axial load of 293 kN was applied to the top of the column. Transverse cyclic 

loads were applied to the extremity of the beam. The load protocol consisted of three 

consecutive cycles. The displacement amplitude in each direction was progressively 

increased by 5 mm.  

Observed joint panel failure of the specimen T_C3 was characterized by large deep 

diagonal cracks and spalling-off of the concrete wedge. 
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3.6 Specimen from Hadi and Tran et al. (2016) 

Hadi and Tran (2016) tested four RC exterior beam-column joints without 

transverse reinforcement under reverse cyclic loading. The first connection, joint T01, 

was tested as the control specimen while the three remaining connections were glued 

with concrete covers around the columns at the joint area to modify them from square 

to circular sections and then they were wrapped with different ratios of CFRP for 

strengthening.  

The selected joint T01 is shown in Figure 3.7. The column was reinforced 

longitudinally with (3+3)φ16 deformed bars, while the beam with (4+4)φ12 deformed 

bars. The amount of column ties and beam stirrups was calculated and detailed to 

ensure that a shear failure mechanism could not occur in the beam and columns outside 

the joint center when their ultimate flexural capacity were reached.  

The average cylindrical compressive strength of the concrete at the time of the test was 

41 MPa, while the average yield stress of the steel used for the longitudinal 

reinforcements was 550 MPa. 

A strong frame was used to test the specimen in the column vertical position. No 

compression load was applied to the column in order to evaluate the worst-case 

circumstance of exterior beam-column connections, because an increase in column 

axial load leads to an improvement in joint shear performance (Hadi & Tran 2016). 

The cyclic load was applied slowly with a deflection rate of 5 mm per minute and the 

beam’s free end displacement was controlled.  

Specimen T01 exhibited, as expected, premature shear failure during the early stages 

of cyclic loading. 
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Figure 3.7 Specimen T01 tested by Hadi and Tran (2016) (dimensions in mm). 

3.7 Specimen from El-Amoury and Ghobarah et al. 

(2002) 

El-Amoury and Ghobarah (2002) performed tests on gravity-designed exterior 

joints with details as shown in Figure 3.8. The test specimen represents a typical joint 

that was built in accordance to pre-1970s’ codes with the aim of assessing the 

beneficial effects of fiber-reinforced polymer materials as strengthening system.  

The beam was reinforced using 4φ20 as top and bottom longitudinal bars and φ10 as 

transverse steel. The column was reinforced with 6φ20 plus 2φ15 as longitudinal bars 

and φ10 ties spaced 200 mm. The top longitudinal reinforcements in the beam are bent 

down into the column, whereas the bottom reinforcement was anchored 150 mm from 

the column face. Due to this insufficient anchorage length, a bond-slip failure of the 
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bottom longitudinal steel rebars was experienced at the beam-joint interface. No 

transverse reinforcement was installed in the joint region.  

The concrete compressive strength on the test day was 30.6 MPa, while the yield 

strength of the longitudinal reinforcement was equal to 450 MPa. 

 

 

Figure 3.8 Specimen T0 tested by El-Amoury and Ghobarah (2002) (dimensions in mm). 

The specimen was tested in the column vertical position, hinged at the top and bottom 

column ends and subjected to a cyclic load applied at the beam tip. The loading routine 

consisted of two phases: the first phase was load control, where the specimen was 

subjected to an increasing load up to the first yield of the steel bars; after this point, 

the second loading phase was initiated which was displacement control.  

A constant axial load of 600kN was applied to the column. 

3.8 Specimen from Wong (2005) 

In its work, Wong (2005) studied the shear strength and the seismic behavior of 

non-seismically designed beam-column joints typical of the Hong Kong area and other 

regions of low or moderate seismicity. The main parameters affecting the behavior of 
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exterior joints, such as joint aspect ratio, transverse reinforcement ratio, longitudinal 

reinforcement ratio, type of beam reinforcement anchorage, have been studied.  

From the experiments, it was observed that most of the joints showed low ductility and 

failed in shear before reaching the flexural capacity of the beam.  

The specimen selected for the current experimental database is the one named BS-L: 

“BS” refers to British Standard 8110 (1997), while “L” denotes the shape of the 

anchorage of the beam reinforcements.  

The geometric configuration and the structural details of the specimen are shown in 

Figure 3.9.  

 

 

Figure 3.9 Specimen BS-L tested by Wong (2005) (dimensions in mm). 

The beam width is 260 mm, with a depth of 450 mm, while the column was of size 

300x300 mm.  

Beam was reinforced with 3φ20 deformed bars on both top and bottom faces, while 

column was reinforced with 4φ25. Both the elements were reinforced with 10mm bars 

as transverse reinforcement.  
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The concrete compressive strength was obtained as 30.9 MPa and the steel rebars had 

a yield strength of 520 MPa.  

A constant axial load of 417 kN was applied to the column. In the test, both load and 

displacement controls were involved at different loading stages; the load control 

method was used at the early loading stages. Two cycles of reversed loading were 

applied at each level of inter-story drift. 

3.9 Specimen from Hassan et al. (2018) 

Hassan et al. (2018) studied the seismic performance of exterior shear-critical 

unreinforced beam-column joints under very high axial load ratios, corresponding to 

very intense ground motion and/or the case of older high-rise buildings. The test 

campaign of the study consisted of testing five 2/3 scaled exterior beam-column joints; 

the joint selected for the purposes of this thesis is denoted as test J40, where the number 

“40” indicates an axial load ratio of 40%.  

Figure 3.10 shows the details of the specimen. The test specimen design philosophy 

incorporated seismic details in both beam and column, along with strong column-weak 

beam failure scenario to prevent premature failure of the subassembly due to a seismic 

detailing deficiency other than shear failure due to the absence of the transverse 

reinforcement of the joint.  

Longitudinal reinforcement of column consists of four corner bars of 25 mm diameter 

and two intermediate bars of 12 mm diameter; beam is reinforced with 4 top and 

bottom longitudinal bars of 25 mm diameter, 10 mm diameter stirrups spaced at 75 

mm.  

The cylinder concrete compressive strength is 16.2 MPa, resembling the prevailing 

strength in older constructions. Deformed steel bars are used for longitudinal and 

transverse reinforcement with 575 MPa actual yield strength. 
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Figure 3.10 Specimen J40 tested by Hassan et al. (2018) (dimensions in mm). 

The column axial load was held constant at an axial load ratio of 0.40 of the effective 

joint area’s gross concrete capacity based on cylinder compressive strength. This value 

is monitored throughout the test and adjusted to its original value if load fluctuation 

occurred.  

The loading protocol comprises an increasing amplitude quasi-static displacement 

controlled scheme with a total of ten displacement steps; two cycles of loading were 

performed until the seventh step, while the last three steps included one cycle only. 

3.10 Specimens from Antonopoulos and Triantafillou 

(2003) 

Antonopoulos and Triantafillou (2003) studied the role of various parameters on 

the effectiveness of FRP materials applied to 2/3 scaled tests of 18 exterior RC joints. 

All the specimens had identical dimensions and were reinforced such that they would 

represent a poorly detailed exterior T joint of a RC frame.  



  

 

69 

 

The two specimens selected in this thesis, namely tests C1 and C2, were used as control 

specimens; their only difference was in the strength of concrete, which was equal to 

19.4 MPa for C1 and 23.7 MPa for C2.  

Reinforcement consisted of four 14 mm diameter rebars in the column, three 14 mm 

diameter rebars in each side (top and bottom) of the beam, 8 mm stirrups at a spacing 

of 10 mm in the column, and 8 mm stirrups at a spacing of 15 mm in the beam. No 

transverse reinforcement was provided in the joint panel. Details of the two joints are 

shown in Figure 3.11. 

 

 

Figure 3.11 Specimens C1 and C2 tested by Antonopoulos and Triantafillou (2003) (dimensions in 

mm). 

The joints were rotated 90° from their characteristic position in a typical RC frame and 

were mounted on a stiff steel frame; in this configuration, the column longitudinal axis 

was horizontal, and the beam longitudinal axis was vertical. During testing, application 

of the axial load was controlled manually and kept constant at a level of 46 kN. Once 

the full axial load had been applied, earthquake lateral loads were simulated by 

applying an alternating force to the end of the beam through an idealized pin. This 

force was applied in a quasi-static cyclic pattern; the displacement-controlled loading 

sequence for each specimen consisted of three cycles at a series of progressively 

increasing (by 5 mm) displacement amplitudes in each direction (push and pull). 
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3.11 Specimen from Shafaei et al. (2014) 

Shafaei et al. (2014) investigated the effect of the shear behavior of the joint region 

on lateral response of typical RC moment resisting buildings that were designed and 

constructed in Iran in the late 1970s. Three half scale external RC beam-column joints 

with seismic and non-seismic reinforcement detail and identical dimensions were 

tested by applying lateral cyclic loading of increasing amplitudes.  

Specimen J2, selected in this study, represented a non-seismic exterior beam-column 

joint detailing with a shear strength deficiency in terms of absence of transverse steel 

hoops in the panel zone.  

Dimensions and reinforcement details are reported in Figure 3.12. In particular, the 

column was reinforce with (3+3)φ14 and two further intermediate φ14 deformed bars, 

while the reinforcements used in the beam were made up of five steel rebars in the top 

and three in the bottom sections, respectively, and 8 mm transverse stirrups were 

applied to both beam and column members.  

The concrete compressive strength was equal to 23.3 MPa, while the steel yield 

strength of the longitudinal and transverse reinforcements was equal to 460 MPa. 

 

Figure 3.12 Specimen J2 tested by Shafaei et al. (2014) (dimensions in mm). 
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A constant axial load of 220 kN was applied by a horizontal 1000 kN capacity 

hydraulic jack to the column in a force controlled mode and was maintained constant 

throughout the test. A quasi-static lateral cyclic loading of increasing amplitudes was 

applied at the top of the beam in a displacement controlled mode to identify the cyclic 

behavior of the joint. Three fully reversed cycles were applied at each drift ratio and 

then a half-domain drift ratio cycle was adopted. An initial drift ratio of 0.20% was 

selected, being effectively within the linear elastic response range of the specimen and 

subsequent drift ratios were set to not less than one and one-quarter times the previous 

drift ratios, and not more than one and one-half times the aforementioned drift ratio. 

The selected drift was intended to cause displacements that simulated high levels of 

inelastic deformations such as would be experienced by the frame during a severe 

earthquake. 

3.12 Specimen from Tsonos (2002) 

Tsonos (2002) investigated experimentally and analytically the use of local two-

sided and three-sided concrete jacketing for the repair and strengthening of reinforced 

concrete beam-column joints damaged by severe earthquakes. Two exterior beam-

column joint half-scale specimens were submitted to a series of cyclic lateral loads. 

The specimens were typical of existing older structures built in the 1960s and 1970s. 

As seen in Figure 3.13, the specimen O1 did not have joint transverse reinforcement 

and, therefore, it was expected to fail in shear.  

The concrete compressive strength of the specimen was 16 Mpa and the yield strength 

of the reinforcing steel was 485 MPa. The column longitudinal reinforcement 

consisted of (2+2)φ14 deformed bars, while the beam was reinforced with (4+4)φ14 

bars. 
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Figure 3.13 Specimen O1 tested by Tsonos (2002) (dimensions in cm). 

The axial load was imposed by a hydraulic jack on the top of the column and kept 

constant at the value of 256 kN during the test. The lateral load was applied at the end 

of the beam simulating seismic action with increasing amplitudes (5 mm) of only one 

cycle at each displacement step. 
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4. NUMERICAL MODELING OF 

EXTERIOR UNREINFORCED JOINTS 

This chapter presents in details the model employed in the present research for the 

numerical simulation of the cyclic response of exterior unreinforced beam-column 

joints. The model, based on the finite element macro-modeling framework, is mainly 

characterized by the use of a nonlinear rotational spring for reproducing the shear 

behavior of the joint panel and the corresponding failure phenomena. The model is 

also enriched by an additional spring specifically devoted to account for the eventual 

occurrence of the slip phenomenon of longitudinal steel bars of beam from the joint.  

Particular attention has been devoted to derive reliable constitutive laws mainly for the 

spring reproducing the shear panel behavior. Indeed, for this spring different 

constitutive laws were carried out by opportunely combining among them models still 

available in literature.  

4.1 Existing joint modeling techniques 

Several models able to reproduce the joint mechanical behavior into numerical 

analyses are available in literature.  

Past technical codes, such as ASCE 41 (2006), used to represent the beam-column 

joints through rigid panel zones, in which the horizontal dimensions of the joints were 

equal to the column cross-sectional dimensions and the vertical dimensions equal to 

the beam depth (see Figure 4.1a). It has been recognized that this assumption leads to 

overestimate the predictions in terms of strength and stiffness of existing buildings 

characterized by the lack of seismic details (Hassan 2011). Moreover, this approach 

neglected fundamental mechanisms often observed even in modern buildings under 

moderate or strong ground motions, such as shear deformations, diagonal cracking and 

anchorage failure due to loss of bond of the beam steel rebars.  

ACI 369 (2011) prescribed to model the joint dimensions to account for joint flexibility 

using centerlines models with semi-rigid joint elements (see Figure 4.1b). 
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More realistic and accurate modeling approaches were developed and proposed in 

literature, characterizing the main phases of the shear behavior of both interior and 

exterior joints: lumped–plasticity approaches, multi–spring macro–models, nonlinear 

finite element modeling. 

 

 

(a) 

 

(b) 

Figure 4.1  Rigid joint model recommended by: a) ASCE 41 (2006); b) ACI 369 (2011). 

4.1.1 Lumped-plasticity approaches 

Among the lumped-plasticity modeling techniques, one of the first proposals was 

provided by Giberson (1969) (see Figure 4.2a), who reproduced the flexural behavior 

of beams and the shear deformation of joints through nonlinear rotational springs at 

each end of beam and column elements, which were modeled through linear elastic 

elements. 

This model was further improved by Otani (1974) with the introduction of two parallel 

elements for beams and columns, representing the linear elastic behavior and the post–

elastic behavior, respectively (Figure 4.2b). The joint panel was modeled again 

through rigid elements and the bar slippage was also taken into account through 

rotational springs at beam-joint and column-joint interfaces. The bond stress was 

assumed to be constant along the anchorage length and only the steel reinforcement 

under tension was assumed to slip. However, this model do not consider the 

deformability contribution due to the joint shear; this aspect was considered later by 

other modeling approaches with the introduction of a zero-length rotational spring 

inside the joint core.  



  

 

75 

 

In particular, El-Metwally and Chen (1988) proposed a model in which the inelastic 

behavior of the joint panel is modeled through a zero-length rotational spring placed 

between beams and columns, as it is shown in Figure 4.2c. The total energy dissipation 

due to anchorage failure was assumed to be approximately constant for all joint 

configurations. The main issue of this model is that it requires experimental moment-

rotation data to calculate the required parameters. 

Alath and Kunnath (1995) modeled the joint shear deformation with a nonlinear 

rotational spring centered into the joint core (see Figure 4.2d). Rigid links with a finite 

size connect beams and columns, which are capable of independent rotations. This so-

called “scissors model” is widely used in literature, due to its ease of implementation 

in several computer codes.  

A more recent model adopting a single rotational spring is proposed by Pampanin et 

al. (2002), with the aim of reproducing the relative rotation between beams and 

columns converging into the joint; the post-cracking shear deformation of the joint 

panel is also considered. One dimensional elements with lumped-plasticity at the end 

sections were adopted for beams and columns. Rigid elements were used to connect 

frame elements to the rotational spring, which was assigned a moment-curvature 

relationship defined by a section analysis. The novelty of this work was represented 

by the effect of the moment-axial load interaction in columns.  

This model was also used by Park and Mosalam (2009), but the single rotational spring 

was intended to reproduce together both the joint panel shear deformability and the 

bond-slip of the beam bars contributions. 

Some of the abovementioned modeling approaches are presented in Figure 4.2. 
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Figure 4.2 Lumped-plasticity beam-column joint models: a) Giberson (1969); b) Otani (1974.); c) El-

Metwally and Chen (1988); d) Alath and Kunnath (1995). 

4.1.2 Multi-spring approaches  

The multi-spring macro-model approaches are based on the use of more than a 

single spring to model different mechanisms of the joints. Among these, one of the 

first method was proposed by Biddah and Ghobarah (1999), which developed a 

modified version of the “scissors model”, as depicted in Figure 4.3a. The method is 

based on the use of two different nonlinear rotational springs to simulate the shear 

behavior and the bond-slip phenomena; in their work the cyclic response of the joint 

is schematized throughout a tri-linear idealized hysteretic relationship without 

accounting for the pinching effect.  

Youssef and Ghobarah (2001) used diagonal shear springs to link the hinges at the 

corner of joints; rigid elements connected these hinges to each other, with the addition 

of three concrete springs and three steel springs at the intersection between the joint 

and the adjacent elements to represent the bar-slip phenomenon. As it can be seen from 

Figure 4.3b, this model requires a large number of springs and a proper constitutive 

law for each spring and, therefore, it is difficult to implement. 

 

(a) 

 

(b) 

 

(c) 

 

(d) 
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Another contribution, shown in Figure 4.3c, is given by Lowes and Altoontash (2003); 

the authors proposed a 4-node 12-degree-of-freedom macro-model element with eight 

zero-length translational bar slip springs, four interface shear springs, and a panel zone 

whose shear stress-strain relationship curve is defined through the “modified 

compression field theory” (MCFT) approach (Vecchio & Collins, 1986).  

This model was simplified by Altoontash (2004), who introduced a model consisting 

of four zero-length bar-slip springs located at the beam-joint and column-joint 

interfaces and a zero-length shear spring in the middle of the panel zone, as shown in 

Figure 4.3d. 

Mitra and Lowes (2007) further evaluated the model developed by Lowes and 

Altoontash (2003) by comparing the simulated results with experimental responses of 

beam-column joint sub-assemblages. However, the model may not be suitable to 

evaluate the hysteretic response of exterior joints without transverse reinforcement, 

since the experimental data used for the validation included only interior joints with a 

minimal amount of transverse reinforcement. 

Shin and LaFave (2004) implemented two rotational springs in series at the beam–

joint interfaces to simulate both the bar slip deformability contribution and the beam 

plastic rotation contribution (see Figure 4.3e). The panel zone was modeled following 

the approach by Lowes and Altoontash (2003). The MCFT (Vecchio & Collins, 1986) 

was utilized to define the moment-curvature relationship to capture the shear behavior 

of the joint panel, while the bond-slip springs were assigned the model by Morita and 

Kaku (1984). Experimental data were used to calibrate the cyclic behavior. 

Celik and Ellingwood (2008) assessed the performance of four modeling schemes 

through computer simulations, concluding that the rotational spring with rigid end 

zones method produced the best correlation between the experimental data and the 

simulated force-drift responses. 

Another multi-spring approach, depicted in Figure 4.3f, was proposed by Sharma et 

al. (2011), who modeled the joint panel through one rotational spring located in the 

beam region and other two springs in the column portion. Lumped-plasticity elements 

were used for beams and columns. The backbones of these three springs were proposed 

for monotonic loading in principal stresses, and anchorage failure in the case of not 
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sufficient beam bars anchorage length was also considered by reducing the critical 

principal stress.  

 

                                (a) 

 

                              (b) 

 

                             (c) 

 

                           (d) 

 

                            (e) 

 

                      (f) 

Figure 4.3 Multi-springs macro-models: a) Biddah and Ghobarah (1999); b) Youssef and Ghobarah 

(2011); c) Lowes and Altoontash (2003); d) Altoontash (2004); e) Shin and LaFave (2004); f) Sharma 

et al. (2011). 
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Hassan (2011) compared two different modeling approaches: the first approach 

localizes all the inelastic mechanisms on one single rotational spring, while the second 

approach decoupled the shear and the bond-slip deformations by means two different 

springs. It was observed that the main difference between the two methods was in the 

estimation of the post-peak drift capacity. Moreover, the rigid joint assumption in 

modeling shear failure of RC frames in nonlinear analyses was proved to be generally 

incorrect. 

It is worth noting that the multi-springs macro-modeling approaches allow to capture 

more realistically the joint kinematic and simulate the relative horizontal deformation 

that can occur between the upper and lower column elements. On the contrary, the 

lumped-plasticity models, composed by a single rotational springs, does not capture 

all the inelastic mechanisms generally observed (anchorage failure, shear and interface 

shear transfer deformation). The advantage of these models lies in the simple and less 

demanding computational effort in the modeling process, which can sufficiently 

reproduce experimental beam–column joint responses (Hassan, 2011). 

4.1.3 3D FE simulation based approaches  

The finite element simulation computer codes represent a complete and powerful 

tool to simulate the seismic response of RC structures. Due to high computational 

efforts required, the FE method is more suitable to analyze local mechanisms 

frequently occurring in structural elements such as beam–column joints, especially if 

the numerical model is accurate.  

To solve numerical problems, the FE method subdivides a large system into smaller 

and simpler parts that are called “finite elements”. This is achieved by a particular 

space discretization in the space dimensions, which is implemented by the construction 

of a mesh of the object to be analyzed. The finite element method formulation of a 

boundary value problem finally results in a system of algebraic equations, which are 

then assembled into a larger system that models the entire problem. 

This approach has been widely developed through several computer software, which 

allow reproduce the behavior of 3D structures and, more in detail, the interaction 
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between different materials and the main inelastic mechanisms affecting beam-column 

joint elements.  

However, few studies are available in the literature which analyze the behavior of 

beam–column joints by means 3D FE simulation approach, since its application on 

practical problems is complicated and time consuming.  

One interesting work has been developed by Genesio (2012), who modeled exterior 

joints in the MASA software framework (IWB & Ozbolt, 2008), in which the concrete 

material was assigned a linear elastic relationship and discretized through a polygon 

shaped mesh (see Figure 4.4a). The steel reinforcements were schematized with 3D 

elastic plastic elements. A rigid link was considered between stirrups and concrete in 

beams and columns, avoiding relative displacements and debonding mechanisms of 

the stirrups. Both restraints and loads were applied in the nodes composing the mesh.  

Elmorsi et al. (2000) simulated the joint response using a variety of elements. Inelastic 

plane stress elements were used for the concrete core, truss elements for reinforcement 

steel, discrete bond-link elements for the bond regions. The plastic hinges located at 

the beam and column ends were modeled through quadrilateral transition elements. 

Fleury et al. (2000) modeled the concrete core of the joint and the smeared effect of 

the transverse reinforcement using plane stress elements, the beam steel using a mesh 

of quadrilateral elements, the column steel using truss elements, and the connection 

between beams, columns and joints using transition elements. 

More recently, Dabiri et al. (2020) modeled 25 interior RC joints in the Abaqus 

software (2010), by using two-node truss elements for steel reinforcement bars, eight-

node brick elements for concrete in beam and column; a simplified method using 

tension stiffening in the concrete model was adopted to simulate the concrete-steel 

interaction after cracking. The model is shown in Figure 4.4b. 

As already mentioned, these complex joint models, more accurately representing the 

joint response than the simple macro-models, have limited practical applications, since 

they require significant computational efforts for performing numerical analyses. For 

this reason, these models are not accounted for the purposes of this thesis. 
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(a) 

 

 

(b) 

Figure 4.4 3D FE simulation based approaches: a) Genesio (2012); Dabiri et al. (2020). 

4.2 Adopted joint model 

The typology of the exterior RC beam-column joints considered in this thesis is 

shown in Figure 4.5a. In particular, they are joints made of just one beam and, hence, 

they do not take advantage of the joint confinement effect provided by the presence of 

transverse beams. These types of joints, typically named “2D joints”, are those most 

commonly considered in the experimental studies published in the literature.  

A macro-modeling approach is adopted to simulate the experimental behavior of the 

selected joints under seismic actions. The beam–column joint element is reproduced 

through a modified version of the well-known “scissors model” by Alath and Kunnath 

(1995), which schematizes the joint panel through a nonlinear spring, reproducing the 

joint panel shear rotation. In the model adopted in this thesis, the two main mechanisms 

governing the overall behavior of the RC joints are considered by means of two 

nonlinear rotational springs in series (see Figure 4.5b): spring 1 which represents the 

shear deformation of the panel and spring 2 representing the “fixed-end-rotation” of 

the beam due to the debonding of the longitudinal steel rebars at the beam-joint 

interface. Spring 1 connects a master node and a duplicated slave node located at the 

same position in the middle of the panel zone; these nodes are connected to the beam 

and the column members through rigid links.  
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(b) 

Figure 4.5 Scheme of the 2D joint under consideration (a); sketch of “scissors model” with the two 

springs in series (b). 

The mechanisms governing the joint behavior depend on many parameters. In 

particular, the shear behavior of the joint panel region depends on the material 

properties, the construction details, the geometric configuration and the ratio of the 

axial force applied to the columns; the joint panel rotation due to bond-slip depends 

mainly on the confinement level, the concrete cover and the bar spacing. 

The joint responses are nonlinear and characterized by different phases, each one 

associated with a particular level of the attained strength and deformability. Although 

each phase shows a continuous nonlinear trend, due to the progressive deterioration of 

strength and stiffness, multilinear stress-strain constitutive laws are often employed; 

therefore, each phase is simply reproduced by specific points located along the 

multilinear law, whose definition is an important preliminary step within the numerical 

modeling framework. Therefore, in the following sections, the deformability 

contributions due to the joint shear panel and the bond-slip behavior of the beam steel 

reinforcements are separately investigated. 

4.2.1 Existing shear stress-strain laws for the joint panel 

spring 

(a) 
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A suitable definition of the shear stress-strain response of the joint panel is a 

fundamental issue to implement joints into structural models. In literature, both 

analytical and empirical calibrations of such relationship have been developed. In this 

section, a brief review of the main constitutive laws empirically calibrated and 

proposed in literature is carried out. 

ASCE/SEI 41 (2006) and FEMA 356 (2000) suggested a backbone as shown in Figure 

4.6 for joint shear strain modeling in nonlinear static and dynamic analysis. The curve 

was developed with the aim of reproducing the main shear mechanisms which 

characterize the experimental behavior of unconfined beam-column joints, namely the 

stress at cracking, the peak shear strength and a residual softening phase. However, 

approaches to implement this model were not described. The comparison between the 

experimental and nonlinear modeling backbone curve parameters performed by 

Hassan (2011) proved that these recommendations are quite conservative in estimating 

the joint shear strength and plastic shear deformations. 

 

 

Figure 4.6  Shear stress – deformation backbone curve for unconfined beam–column joints modeling, 

ASCE/SEI 41 (2006). 

In the “scissors model” proposed by Alath and Kunnath (1995) the backbone curve of 

the joint shear stress-strain relationship was determined empirically; in particular, the 

bending moments acting in the joint panel were computed from the column and beam 

moments, assuming the joint panel under pure shear. The panel shear properties were 

empirically defined and validated through a comparison between simulated and 

experimental response of a typical GLD (gravity load design) RC frame interior beam-

column joint subassembly. 
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In the work by Lowes and Altoontash (2003), the envelope of the shear stress-strain 

relationship of the panel zone, shown in Figure 4.7, was defined through the modified-

compression field theory (MCFT) (Vecchio & Collins, 1986), whereas the cyclic 

response was modeled by a highly pinched hysteresis relationship, deduced from 

experimental data provided by Stevens et al. (1991). The interface-shear springs were 

assigned a relatively stiff elastic load-deformation response, since few data were 

available to develop a suitable stress-strain relationship. 

 

Figure 4.7 One-Dimensional Load-Deformation response model, Lowes and Altoontash (2003). 

Pampanin et al. (2002) proposed a constitutive relationship for joint panel in terms of 

principal stresses versus joint shear strains (see Figure 4.8) on the basis of the strength 

degradation model for unreinforced joints proposed in literature by Priestley (1997); 

this law was also adopted for joints with poorly detailed with end-hooked plain bars 

by performing additional experimental tests on tee-joints, including also the effect of 

axial load. For exterior joints with deformed bars, a lower limit of the tensile stress of 

0.29√𝑓𝑐  was deemed appropriate for first diagonal cracking. After reaching this first 

limit, a strength reduction is expected due to the absence of any hardening mechanism, 

since it was observed that the diagonal struts in the joint could not be stabilized in the 

case of beam reinforcement bent away from the joint. On the contrary, in the case of 

beam bars bent in the joint, a hardening behavior with increase of principal stress up 

to a value of 0.42√𝑓𝑐  is assumed, thus representing a more evident damage in the panel 

zone. 
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The post-peak phase is different depending on the joint configuration (see Figure 4.8): 

the curve related to knee-joints with closing moments shows a more sudden decay if 

compared to the softening branch related to tee-joints and knee-joints with opening 

moments.    

However, to model the spring in the joint modeling, it is necessary to convert the 

principal tensile stress-shear deformation relationship into the beam moment-joint 

rotation. Thereby formulations to generate these spring characteristics are required. 

Moreover, the cyclic response was calibrated by a hysteresis rule able to represent both 

the pinching effect due to the shear cracking of the joint and the slip of the 

reinforcement. 

 

Figure 4.8  Principal tensile stress-shear deformation model proposed by Pampanin et al. (2002). 

Celik and Ellingwood (2008) proposed a constitutive relationship based on a statistical 

analysis carried out on ten exterior experimental joints with different reinforcement 

amounts, anchorage conditions and failure modes. In their work, the shear stress-strain 

backbone curve for the panel zone in typical non-conforming RC beam-column joints 

was defined through four key points, corresponding to joint shear cracking, 

reinforcement yielding, joint shear strength or beam/column capacity and residual joint 

strength. The values of the four stresses were reduced if joint shear failure occurs 

before beam or column members reach their capacity. The failure mode was observed 

to be function of the joint configuration (interior or exterior) and the anchorage 

conditions. A reduction in the envelope of this relationship was accounted to reproduce 
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the anchorage failure due to the slippage of the beam bottom rebars. For what concern 

the deformation capacity, a range of values for each characteristic point of the 

backbone curve was proposed. It has been observed that such values are very high if 

used for exterior beam-column joints (De Risi 2015). 

Kim and LaFave (2009) obtained a tri-linear envelope curve in terms of stress and 

strain parameters by analyzing the experimental results of a wide database also 

comprising ten exterior joints without transverse reinforcement. The constitutive 

relationship was defined by linearly connecting three points displaying the most 

distinct stiffness changes of the cyclic force-shear deformation curves.  

Anderson et al. (2008) proposed a tri-linear monotonic and cyclic shear stress-strain 

model for joints without transverse reinforcement, which is depicted in Figure 4.9. The 

model reproduces the cyclic degradation in strength and stiffness and the energy 

dissipation of the unloading and reloading paths on the basis of the experimental tests 

conducted by Walker (2001) and Alire (2002). The model was calibrated for different 

displacement histories, joint shear stress demands and concrete compressive strengths. 

The big disadvantage of this study is that it was developed without using existing 

software programs, thus being unsuitable for modeling large structures. 

 

Figure 4.9 Tri–linear stress-strain envelope describing the shear behavior of joints, Anderson et al. 

(2008). 

The previous model was further improved by Jeon (2013), who added a fourth point 

on the shear backbone stress-strain law based on experimental observations (see Figure 

4.10). In particular, the first and the second point were fixed, the ordinates of the third 

and fourth points were assumed to depend on the experimental joint shear strength, 
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while the abscissas of the third and fourth points were also determined from 

experimental observations. The unloading and reloading laws describing the cyclic 

response were defined assuming the damage indices proposed by Lowes and 

Altoontash (2004).  

 

 

Figure 4.10 Quadri-linear joint shear stress-strain law proposed by Jeon (2013). 

Park and Mosalam (2009) also proposed a multilinear backbone curve representing the 

moment-rotation relationship for corner beam-column joints without reinforcements. 

The characteristic points of the backbone were calibrated on the basis of the 

experimental outcomes of four specimens with various joint aspect ratios and beam 

longitudinal reinforcement ratios. During the tests, the joint shear strain and the 

rotation at beam-joint interface due to bar slip or crack opening were both measured; 

the rotation of the proposed backbone law for the joint spring was determined as the 

sum of the two terms, as depicted in Figure 4.11. The results showed that the slip 

contribution to the overall deformability is higher if joint shear failure occurred after 

beam yielding. However, in this case, since a single-spring approach is adopted, the 

definition of the backbone points is decoupled from the failure mode; therefore, the 

shear constitutive relationship is necessary obtained from the few available 

experimental tests and it may not be suitable to model different joint configurations, 

anchorage conditions or other failure typologies. This issue can also be extended to 

other single-spring models calibrated on the basis of few not homogeneous 

experimental data (De Risi 2015). 
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Figure 4.11 Shear stress-strain envelope proposed by Park and Mosalam (2009). 

More recently, De Risi et al. (2016) adopted the “scissors model” with one rotational 

spring to model the joint panel. This spring aimed at reproducing the shear behavior 

of exterior unreinforced joints by means a quadri-linear shear stress-strain law 

characterized by four characteristic points: cracking, pre-peak, peak and residual 

points. The relationship was calibrated considering two different modes of failure: a) 

joint shear failure, prior to or after yielding of beam/column longitudinal 

reinforcements; b) anchorage failure of the beam longitudinal steel rebars anchored 

into the joint panel, due to an insufficient anchorage length. The joint panel hysteretic 

behavior was defined on the basis of a set of experimental tests selected from the 

literature. 

 

Figure 4.12 Stress-strain relationship for joint panel proposed by De Risi et al. (2016). 

In this thesis, a multilinear shear stress-strain relationship for the joint panel spring is 

adopted to describe the main phases characterizing the shear behavior of exterior 

unreinforced joints empirically observed, as it will explained in section 4.3.3.  

 



  

 

89 

 

4.3 Numerical modeling in the OpenSees framework 

4.3.1 Overview of the OpenSees tools 

The numerical modeling of exterior unreinforced beam-column joints is here 

carried out by using the open-source finite element platform “OpenSees” (McKenna 

et al., 2010), which is an object-oriented software for simulation in earthquake 

engineering using finite element methods. It was developed by the research group at 

the Pacific Earthquake Engineering Research (PEER) Center. OpenSees uses the C++ 

programming language and its modular structure allows both users and developers to 

insert or individually modify specific modules. A large number of researchers have 

enriched this framework with the software components that enable researchers and 

practicing engineers to accomplish sophisticated simulations of the earthquake 

response of structures. These components include model-building tools, model domain 

definitions, element formulations, material models, analysis procedures, numerical 

solvers, data management tools, and methods to support reliability analysis. The 

analysis model is introduced as the “domain” object, which is created by users for each 

application through an interface script using Tcl language, used as the command 

interpreter for OpenSees to read the input files.  

For the purposes of this thesis, this program has been chosen to perform both nonlinear 

static and cyclic analyses of exterior joints because of the relative ease in modeling the 

nonlinear beam-column joint element formulation.  

OpenSees has available several models for describing the behavior of materials (steel 

and concrete) and the global cyclic behavior of RC structural components. The 

member stiffness and forces are obtained by numerically integrating the stiffness and 

forces of sections along the member length. Figure 4.13 shows the hierarchy of the 

main objects comprising a structural analysis model. 
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Figure 4.13 Class structure in OpenSees (McKenna et al. 2010). 

4.3.2 Modeling of exterior beam-column joints 

As already shown in Figure 4.5b, the beam-column joint element is modeled 

through the shear spring located in the middle of the panel zone and the bond-slip 

spring at the beam-joint interface. The model schematizes the joint by a master node 

and a duplicated slave node, located at the same position in the middle of the panel 

zone. These nodes are connected to the beam and column members by means of two 

rigid links. The dimensions of these rigid links are here assumed equal to the semi-

length of the panel zone. The rotational shear spring is introduced for connecting the 

master and the slave nodes. 

The finite element model geometry used to simulate the 15 experimental beam-column 

joint sub-assemblages is shown in Figure 4.14. 

The boundary conditions were modeled in the OpenSees framework as follows: a 

vertical roller was placed to top of the column element to permit axial column 

shortening only; the bottom of the column was restrained through a hinge that prevent 

horizontal and vertical displacements; beam and column end rotation was permitted 

through moment releases. 
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Figure 4.14 Numerical model for exterior beam-column joints simulation. 

Concerning the materials used in the numerical simulations, uniaxial stress–strain 

concrete and steel materials were used to model the specimens at the section level and 

are shown in Figure 4.15. 

 

 
(a) 

 
(b) 

Figure 4.15 Uniaxial stress–strain materials employed: a) “Concrete04”; b) “Steel02”. 

 

Discretization of cross section 
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“Concrete04” was used to model the concrete behavior. This material model defines 

the uniaxial response of concrete both in compression and tension, using degraded 

linear unloading-reloading stiffness and tensile strength with exponential decay. The 

envelope of the compressive stress-strain response is defined using the model proposed 

by Popovics (1973). For unloading and reloading in tensile, the secant stiffness is used 

to define the path.  

The adopted concrete parameters were those experimentally deduced from the 

specimen sub-assemblages (see Chapter 4) and shown in Table 4.1. 

“Steel02” material model was employed to model the uniaxial cyclic behavior of 

reinforcing steel. This material is characterized by a bilinear backbone, described by 

an elastic-plastic law with an isotropic strain hardening. The unloading and reloading 

rules are modeled following the Giuffrè – Menegotto – Pinto model. The required 

monotonic steel properties are based on reported materials tests and shown in Table 

4.2. 

Table 4.1 Parameters required by “Concrete04” material model. 

$matTag integer tag identifying material 

$fc 
floating point value defining concrete compressive strength at 28 

days (compression is negative) 

$ec floating point value defining concrete strain at maximum strength 

$ecu floating point value defining concrete strain at crushing strength 

$Ec floating point value defining initial stiffness 

$fct 
floating point value defining the maximum tensile strength of 

concrete 

$et floating point value defining ultimate tensile strain of concrete 

$beta 
floating point value defining the exponential curve parameter to 

define the residual stress (as a factor of $fct) at $etu 
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Table 4.2 Parameters required by “Steel02” material model. 

$matTag integer tag identifying material 

$Fy yield strength 

$E0 initial elastic tangent 

$b 
strain-hardening ratio (ratio between post-yield tangent and 

initial elastic tangent) 

$R0 $cR1 $cR2 

parameters to control the transition from elastic to plastic 

branches. Recommended values: $R0=between 10 and 20, 

$cR1=0.925, $cR2=0.15 

 

The two rotational springs introduced to simulate the behavior of the joint panel are 

modeled through the “Pinching4” uniaxial material model developed by Lowes et al. 

(2003), which requires the definition of a multilinear moment-rotation (M-θ) backbone 

relationship.  

This model is particularly useful to represent the pinched hysteretic behavior of shear 

critical elements like unconfined beam-column joints. The required model parameters 

are defined in Table 4.3. As shown in Figure 4.16, the material model can be defined 

as a response backbone, an unload-reload path, and three damage rules: unloading 

stiffness degradation, strength degradation, and reloading strength degradation. More 

detailed informations about the cyclic degradation rules are furnished in Chapter 7. 

 

Figure 4.16  “Pinching4” material model (Lowes et al. 2003). 
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Table 4.3 Parameters required by the “Pinching4” material model. 

$matTag integer tag identifying material 

$ePf1 $ePf2 $ePf3 $ePf4 floating point values defining force points on the positive response envelope 

$ePd1 $ePd2 $ePd3 $ePd4 
floating point values defining deformation points on the positive response 

envelope 

$eNf1 $eNf2 $eNf3 $eNf4 
floating point values defining force points on the negative response 

envelope 

$eNd1 $eNd2 $eNd3 
floating point values defining deformation points on the negative response 

envelope 

$rDispP 
floating point value defining the ratio of the deformation at which reloading 

occurs to the maximum historic deformation demand 

$fForceP 
floating point value defining the ratio of the force at which reloading begins 

to force corresponding to the maximum historic deformation demand 

$uForceP 

floating point value defining the ratio of strength developed upon unloading 

from negative load to the maximum strength developed under monotonic 

loading 

$rDispN 
floating point value defining the ratio of the deformation at which reloading 

occurs to the minimum historic deformation demand 

$fForceN 
floating point value defining the ratio of the force at which reloading begins 

to force corresponding to the minimum historic deformation demand 

$uForceN 

floating point value defining the ratio of strength developed upon unloading 

from negative load to the minimum strength developed under monotonic 

loading 

$gK1 $gK2 $gK3 $gK4 

$gKLim 

floating point values controlling cyclic degradation model for unloading 

stiffness degradation 

$gD1 $gD2 $gD3 $gD4 

$gDLim 

floating point values controlling cyclic degradation model for reloading 

stiffness degradation 

$gF1 $gF2 $gF3 $gF4 

$gFLim 

floating point values controlling cyclic degradation model for strength 

degradation 

$gE 

floating point value used to define maximum energy dissipation under 

cyclic loading. Total energy dissipation capacity is defined as this factor 

multiplied by the energy dissipated under monotonic loading. 

$dmgType string to indicate type of damage (option: "cycle", "energy") 
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The M-θ relationships, required to define the response backbone, are directly derived 

from multilinear shear stress-strain (τ-γ) laws, in case of the spring 1, and from bond-

slip (τ-s) constitutive laws, in case of the spring 2, as described in the following 

sections. 

The flexural response of beams and columns was simulated through a fiber 

discretization at the section level. In particular, both these elements were modeled on 

the member level using an inelastic fiber element along their length, with three 

integration points within the field span. More in detail, as shown in Figure 4.14, the 

column cross-section was modeled through 60 fibers along the height and 3 along the 

base, whereas the beam cross-section was modeled through 80 fibers along the height 

and 3 along the base; each steel reinforcement in the elements was modeled through 

one fiber located along a straight layer. 

4.3.3 Shear behavior of the joint panel: definition of the M-θ 

law for the spring 1 

The joint shear rotational spring requires the definition of a proper τ-γ constitutive 

law to be converted into an M-θ relationship, which is implemented to reproduce the 

backbone envelope of the “Pinching4” material model. According to the most recent 

studies, the shear stress-strain laws is characterized by four main points, as shown in 

Figure 4.17: 

cracking point: represents the onset of hairline cracks in the joint panel. 

Experimental evidences suggested that the related values of stress and strain do not 

depend on the failure mode experienced (De Risi et al. 2016), namely a shear failure 

of the joint before or after the yielding of the reinforcements; 

pre – peak point: in the case of joint shear failure, as those analyzed in this thesis, 

this point corresponds to the widening of the main diagonal cracks and the developing 

of other cracks in the joint panel. On the other hand, if the yielding of the longitudinal 

beam bars is attained, the pre-peak strength is explicitly defined in a mechanical 

approach and it is calculated as the joint stress corresponding to the achievement of 

yielding in the adjacent beam; 



  

 

96 

 

peak – point: this point corresponds to the achievement of the maximum shear 

strength specifically inherent to the joint, independently on the stress demand in the 

adjacent beam. In the case of beam yielding failure mode, the peak point corresponds 

to the joint shear stress related to the achievement of the flexural strength of the beam; 

residual point: represents the residual stress and strain values attained. In general, 

the residual stress is calculated as a fraction of the peak stress; however, in literature 

there are very few data regarding the achievement of this final point from experimental 

tests, due to uncertainties found in measurements for large displacement demands (De 

Risi et al. 2016). Moreover, in many cases, the tests are stopped before the attainment 

of this residual point, due to the need of testing the specimens repaired through 

composite materials (Realfonzo et al. 2014). 

The accounted backbone relationship is also characterized by a final constant trend, 

experienced by the numerical simulations when the imposed displacement histories 

overcome the residual point. 

As explained in section 4.2.1, this type of multilinear stress-strain law has been 

repeatedly adopted in literature to evaluate the shear behavior of beam-column joints. 

Some of them, have been analyzed and adopted in the present study to define both the 

shear stress (τj) and strain (γj) parameters which are implemented in the “Pinching4” 

material.  

 

 

Figure 4.17 Proposed multilinear shear stress–strain relationship. 

1

2

3

4
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The first significant value of the shear stress (τ1) is adopted herein by considering the 

following proposal by Uzumeri (1977), which include the effect of the axial load on 

column: 

1 0.29 1 0.29 jcf    (MPa)    (4.1) 

where:  

- fc (MPa) is the cylinder compressive strength of concrete; 

- σj (MPa) is the ratio between the column axial load and the corresponding cross-

section area (bc·hc) of the column (refer to Figure 4.5a). 

As generally proposed in the literature, and as it will be discussed in the following, the 

values of τ2 and τ4 are expressed as a percentage of the maximum shear stress τ3 (in 

the following indicated as τmax) which is a key parameter to define. Several analytical 

proposals are available in the literature to estimate the maximum shear strength τmax. 

Among them, the following models are taken into account in the present study: 

 model 1 by Kim and LaFave (2009); 

 model 2 by Vollum and Newman (1999);  

 model 3 by Ortiz (1993);  

 model 4 by Hwang and Lee (1999);  

 model 5 by Jeon (2013).  

A detailed description of these models is carried out in Chapter 2, thus a brief summary 

is here presented. For the purposes of this work, the original expressions of the above 

models are re-written here by using a uniform notation and with reference to the 2D 

joints without transverse steel reinforcement as those analyzed in the experimental 

database. The equations describing the models become:  

- Model 1: Kim and LaFave (2009): 

0.750.3
max ( )0.483( ) fBI c   (MPa)   (4.2) 

 

- Model 2: Vollum and Newman (1999): 

max 0.642 1 0.555 2 b
c

c

h
f

h

  

    
  

 (MPa)   (4.3) 
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- Model 3: Ortiz (1993): 

 
max

0.6 1 0.45 sin cos cos
250
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       (Mpa) (4.4) 

 

- Model 4: Hwang and Lee (1999): 
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(Mpa)            (4.5) 

 

- Model 5: Jeon (2013): 

0.9410.495
max ( )0.409( ) fBI c   (Mpa)   (4.6) 

where: 

- fc (MPa) is the cylinder concrete compressive strength as defined before; 

- fyb, fyc (MPa) are the steel yield strength of beam and column reinforcement, 

respectively; 

- As,b (mm2) is the area of the beam longitudinal reinforcement in tension; 

- As,c (mm2) is the total area of the column longitudinal reinforcement; 

- bb, hb (mm) are the beam width and the beam height, respectively (Figure 4.5a); 

- bc, hc (mm) are the column width and column height, respectively (Figure 

4.5a);  

- bj (mm) is the effective joint width, equal to bj = min[bc;  (bc + bb)/2 ] ; 

- BI is the beam reinforcement index and represents the mechanical 

reinforcement ratio equal to BI= (As,b·  fyb)/(bb· hb·fc); 

- β depends on the bending shape of the beam’s longitudinal steel bar end inside 

the joint (β = 1.0 in the case of a “L-shape” configuration; β = 0.9 in the case 

of a “U-shape” one); 
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- ab (mm) is the depth of the neutral axis in the beam, evaluated assuming plane 

sections; 

- θ is the angle between the strut and the longitudinal beam axis; 

- N (N) is the axial force applied to the column. 

 

As already discussed in Chapter 2, the models by Vollum and Newman (1999), Ortiz 

(1993) and Hwang and Lee (1999) were developed by using a mechanical approach 

based on a strut-and-tie mechanism. These models consider the joint aspect ratio (i.e. 

the ratio between the height of the beam to the height of the column) and the beam 

reinforcement details as the key parameters affecting the joint response; the model by 

Hwang and Lee (1999) takes also into account the effect of the column axial load. 

On the other hand, the empirical model proposed by Kim and LaFave (2009) is based 

on a Bayesian parameter estimation method with a stepwise removal process of the 

variables which less affect the shear resistance of the analyzed joints. In the case of 

exterior joints, the beam longitudinal reinforcement in tension, As,b, the beam 

reinforcement index, BI, and the concrete compressive strength, fc, are identified as 

the key parameters affecting the joint shear strength. 

The approach followed by Jeon (2013) is based on a multivariate regression analysis 

in a log-transformed space, taking into account the same variables proposed by Kim 

and LaFave (2009), for a wider experimental database. 

In the case of exterior joints, Model 1 and Model 5 can be expressed by the following 

formula (Eq. 4.7); the only difference is due to the numerical coefficients calibrated 

by the authors: 

max ( )( )
cb fa BI c  (MPa)    (4.7) 

For what concerns the remaining two values of the shear stress (i.e., 2 and 4), and the 

four shear strains (1,2, 3, 4), other models available in the literature provide specific 

indications. Among them, the following are considered in this study: 

- model A by De Risi et al. (2016); 

- models B1 and B2 by Celik and Ellingwood (2008); 

- models C1 and C2 by Shin and LaFave (2004); 
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- model D by Sharma et al. (2011).  

Table 4.4 shows the values of shear stress and shear strains assumed by these models. 

As already stated, the values of 2 and 4 are given, for all the models, as a percentage 

of the maximum shear strength 3. The values of the shear strains 1,2, 3, 4, are 

calibrated on experimental basis.  

In particular, De Risi et al. (2016) provided specific values by averaging shear strain 

parameters between positive and negative loading directions deduced from 10 exterior 

unreinforced joints selected from the literature. 

Sharma et al. (2011) performed numerical analyses on 10 poorly designed and detailed 

exterior joints and found a set of specific strain values. The main issue of this proposal 

is that there is no distinction between joint shear failure and bond–slip failure modes. 

The authors Celik and Ellingwood (2008) and Shin and La Fave (2004) provided a 

range of values. In Table 4.4 only the minimum (models B1 and C1) and the maximum 

(models B2 and C2) values of the range are reported. From Table 4.4, it can be noted 

that the strain (γ1) has comparable values among the different proposals, except for the 

model B2; the pre-peak stress (τ2) ranges from 0.75τmax to 0.90τmax, while the 

corresponding strain (γ2) is equal to 0.0017 or 0.002, except for the models B2 and C2. 

The strain corresponding to the peak condition (γ3) stands in the range 0.0049-0.01, 

while for the models B2 and C2 is equal to 0.03. The residual point (τ4–γ4), instead, 

shows a greater scattering of the values proposed by the models, since the calibration 

procedure is, of course, affected by: a) the softening stiffness of the experimental 

monotonic envelope of the hysteretic cycles, and b) the duration of the experimental 

tests considered by the different researchers beyond the achievement of the peak 

conditions. 

Table 4.4 Models providing values of 2, 4, 1,2, 3, 4. 

Source Model 2 4 γ1 γ2 γ3 γ4 

De Risi et al. (2016) A 0.85 τmax 0.43 τmax 0.0004 0.0017 0.0049 0.0441 

Celik & Ellingwood (2008) 
B1 0.75 τmax 0.30 τmax 0.0001 0.002 0.01 0.03 

B2 0.75 τmax 0.16 τmax 0.0013 0.01 0.03 0.1 

Shin & La Fave (2004) 
C1 0.90 τmax 0.30 τmax 0.0005 0.002 0.01 0.03 

C2 0.90 τmax 0.30 τmax 0.0005 0.01 0.03 0.05 

Sharma et al. (2011) D 0.90 τmax 0.24 τmax 0.0006 0.002 0.005 0.025 
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The implementation of the τ-γ constitutive laws into the OpenSees numerical 

framework requires the conversion of the shear stresses into the moments Mj and the 

shear strains into the rotations θj of the joint shear spring. The rotation of the spring θj 

can be assumed equal to the joint panel strain γj.  

The bending moment Mj is obtained by using a simple equilibrium equation of the 

external forces acting on the joint panel, as depicted in Figure 4.18. 

 

 

Figure 4.18 Equilibrium throughout the forces acting in the joint panel. 

The procedure required for calculating the bending moment Mj from the joint shear 

stress τj is explained through the following equations: 
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where: Vjh is the joint horizontal shear force; τj (MPa) is the shear stress of the 

multilinear law; Aj (mm2) is the joint cross-section area; Tb (N) is the tensile force 

acting in the longitudinal bars of the beam; Vcol (N) is the column shear force; Mb (N 

mm) is the bending moment acting at the beam-joint interface; jdb (mm) is the beam 

internal lever arm; hc (mm) is the column height: Lb (mm) is the beam length; Lc (mm) 

is the column length. 

 

As it will be described in Chapter 5, the literature models abovementioned have been 

combined among them to identify a set of 30 τ-γ constitutive laws able to reproduce 

the shear behavior of the rotational spring 1. Nonlinear static analyses, performed on 

the joints available in the database, will identify the numerical model combinations 

which better minimize the error on the monotonic envelope of the joints in terms of 

force-drift curves. 

4.3.4 Bond-slip behavior of the joint panel: definition of the 

M-θ law for the spring 2 

From a phenomenological point of view, it is highlighted that the bond failure may 

occur in either a splitting or a pull-out mode. The splitting mode, which is the weakest 

failure mode, occurs when splitting cracks reach an outer surface before the bar is 

pulled out. This happens, for instance, when there is a small concrete cover; the normal 

stresses between the concrete and the rebar are reduced drastically causing a very low 

bond stress transfer. The pull-out failure, instead, occurs if the confinement (i.e., the 

concrete cover or the transverse reinforcement) around the bar is sufficient to 
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withstand the splitting stresses. In this case, bond failure is caused by shearing off of 

the concrete between the rebar and the ribs (De Risi et al., 2016). 

There are several techniques to represent bond-slip rotation in an analytical model of 

a beam-column joint.  

One of the first approaches was proposed by ASCE/SEI 41 (2006) by reducing the 

effective stiffness of beams and columns to account for slip deformation.  

An alternative is to scale the moment-shear strain backbone to account for higher 

rotations resulting from slip, as recommended by Celik and Ellingwood (2008).  

In the present study, the most direct approach is employed by introducing a nonlinear 

rotational spring between the joint panel and the adjacent beam to represent the fixed-

end-rotation contribution due to the slippage of the longitudinal steel bars anchored 

into the joint panel.  

In the current literature, several studies are available to compute this deformability 

contribution. Among the others, Hassan (2011) suggested an empirical bond strength 

model to evaluate the joint shear strength for exterior and corner joints with the short 

embedment length of beam bottom reinforcement. The bond strength equation 

includes axial load, beam bar diameter, cover to bar diameter, cover to bar diameter 

ratio, and the presence of transverse beams to improve existing bond strength models. 

Using the proposed equation, the equivalent joint shear strength associated with bond 

failure was derived and compared with 21 experimental results.  

The model has been used also by Jeon (2013) to reproduce premature bond pull-out 

failure at less than 50% of the actual joint shear capacity related to the embedded length 

(see Figure 4.19). However, the proposed model is only applicable for the case of pull-

out failure before rebar yielding. 
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Figure 4.19 Backbone curve of joint shear failure mode and anchorage failure mode (Jeon 2013). 

Lowes and Altoontash (2003) developed a constitutive model to define load-

deformation history of the bond-slip springs that simulate inelastic anchorage-zone 

response. These authors used data from experimental testing of anchorage-zone 

specimens and assumptions about the bond-stress distribution within the joint. Bond 

stress along the anchored length of a reinforcing bar was assumed to be uniform for 

reinforcement that remains elastic or piecewise uniform beyond yielding. Slip was 

assumed to define the relative movement of the reinforcing bar within the perimeter of 

the joint and is a function of the strain distribution along the bar. The third assumption 

concerned the bar to exhibit zero slip at zero bar stress. The results of the experimental 

investigation by Eligehausen et al. (1983) were used as a basis for defining the bond 

strength for an elastic reinforcing bar loaded in tension. Average bond strength for the 

region of the reinforcing bar that yields in tension is defined on the basis of 

experimental data provided by Shima et al. (1987) and Eligehausen et al. (1983). This 

model also provided hysteretic damage rules, calibrated to simulate observed response 

under reversed-cyclic loading. The big disadvantage of this proposal is that it resulted 

to be not suitable to simulate response under purely monotonic loading. 

De Risi et al. (2016) adopted a mechanical approach based on the local bond stress-

slip relationship proposed by Model Code 2010 (MC 2010). The authors selected 26 

exterior unreinforced joints from literature showing an anchorage failure in a pull-out 

mode. The stress developed from the anchored bars is assumed to degrade after 
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reaching its maximum value; the corresponding bending moment can be evaluated 

through the equilibrium equation at the beam-joint interface section. A quadri-linear 

moment-rotation law is proposed. The first point was assumed to represent the bending 

moment developed by the beam at cracking. The achievement of anchorage failure is 

identified in the post-cracking phase and the corresponding moment is calculated by 

scaling the beam moment capacity at yielding. The post-peak phase, characterized by 

an increase in the slippage of the bar, corresponds to a residual joint moment assumed 

equal to 40% of the peak moment. The slip values, required to complete the proposed 

stress-slip relationship, were directly deduced from the Model Code 2010 (MC 2010) 

in the case of pull-out failure in “other bond conditions”. 

Further studies were carried out again by De Risi et al. (2016), also including the 

deformability contribution given by the slippage of plain bars poorly anchored in 

exterior joints. To this purpose, the authors evaluated the stresses and the 

corresponding moment at the beam-joint interface by using the Model Code 2010 (as 

already explained). The slip values were calculated as a function of the corresponding 

strains in the reinforcement. The finite difference method was applied, discretizing the 

development length of the anchored bar in a number of sub-portions of equal length; 

the hook deformability contribution was also taken into account following the 

indications provided by Fabbrocino et al. (2005). 

In the mechanical approach adopted herein, the moment acting at the beam-joint 

interface section is directly related to the corresponding rotation due to the slippage of 

the anchored bars (see Figure 4.20); therefore, an analytical M-θs relationship must be 

defined and assigned to the “Pinching4” material characterizing the nonlinear bond-

slip spring. 
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Figure 4.20 Rotation contribution θs due to slip of the bottom longitudinal steel bars anchored into 

the joint. 

The strength limitation due to the anchorage failure can be based on the local bond 

stress-slip relationship (τb-s) proposed by the Model Code (MC 2010) and derived in 

Eligehausen et al. (1983).  

In particular, the Code suggests to consider the pull-out curve when there is a good 

confinement of concrete (i.e., concrete cover bigger than 5 and clear spacing 

between bars bigger than 10, being  the longitudinal bar diameter) or there is a 

‘‘suitable confining reinforcement’’. In this case, the local bond stress law can be 

characterized by the multi-linear law with the following phases (Figure 4.21): an initial 

nonlinear phase, a plateau at the maximum stress, a linear softening branch with the 

residual (ultimate) stress and a final constant trend. The Model Code (MC 2010) makes 

a distinction between the pull-out (black curve in Figure 4.21) and the splitting failures, 

and, only in this last case, it allows to account for the stirrups presence (blue curve in 

Figure 4.21). 
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Figure 4.21 Bond stress-slip model adopted (MC 2010). 

In the case of ribbed bars in a “good” casting position during concreting, the fib bulletin 

72 (2014) directly provides the mean value of the maximum tensile stress developed 

in the bar that can be transferred by bond, named σs,max = fstm . It is given by the 

following semi-empirical expression: 

0.10.25 0.55 0.2 0.25
25 maxmin54

25 min
m trstm

f l ccc bf k k
c  

         
          
          

     (MPa) (4.13) 

where, in addition to the symbols already introduced before, the others are explained 

below: 

 lb (mm)= anchorage length of the longitudinal bar (the bond stress is assumed 

uniform over this length);  

 cmin (mm) and cmax (mm) are geometrical parameters related to the concrete cover 

and the distance between adjacent bars respectively; in particular, cmin = min (cs/2, 

cx, cy) and cmax = max (cs/2, cx) as defined in Figure 4.22; 

 km and ktr are parameters related to eventual transverse reinforcements. In 

particular, km represents the efficiency of confinement due to the transverse 

reinforcement; it results km = 0 when no transverse reinforcement is provided. On 

the other hand, ktr = nt·Ast/(nb··st), where: nt is the number of legs of confining 

reinforcement crossing a potential splitting failure surface at a section; Ast (mm) is 

the cross-sectional area of one leg of a confining bar; st (mm) is the longitudinal 

spacing of confining reinforcement; nb is the number of anchored bars or pairs of 
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lapped bars in the potential splitting surface (CEB fib no. 72 2014). If no transverse 

reinforcement is provided, ktr = 0. 

 

Figure 4.22 Definition of concrete cover and bar spacing (CEB fib no.72 2014). 

Eq. (4.13) is valid for: 

a) 15 MPa <fc <110 MPa;  

b) 0.5 <cmin/Ø <3.5,  

c) 1.0 <cmax/cmin <5.0 and ktr 0.05  

Also, according to the Model Code (MC 2010), the stress value fstm (MPa) should be 

limited to:  

a) fstm ≤fyb, and 

b) fstm ≤ τmax ∙ 4 ∙ lb/∅, where τmax is equal to 2.5√fc (MPa) or 1.5√fc (MPa) in 

the case of "good" or “poor” bond conditions, respectively (τmax is assumed to be 

uniform along the length lb). 

The Model Code (MC 2010) provides also the expressions of bu,split,1 and bu,split,2 

(Figure 4.20) given by Eq. (4.13) with lb/∅ = 5, and a value of the parameter ktr equal 

to 0.02 when bars are confined by stirrups, and 0 in case of no stirrups. 

However, it is well known that the confining effect by the presence of axial load in the 

column produces a twofold positive effect on the maximum tensile stress fstm, i.e.: 1) it 

can delay the onset of the splitting failure; 2) it increases the frictional force at the 

bar/concrete interface. In the case of confining effect, the maximum tensile stress can 

be given by the following expression:  

     
0.5

, ,0
6 1.75 0.8 8b b b

stm tr stm tr st

tr

l l l
ff f p f c

p 

    
        

    
   (MPa)     (4.14) 
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being ptr =  N bc ∙ hc⁄   (MPa) the transverse pressure and fst,0 = fstm (MPa) in the case 

of cmin= and cmax/cmin=1.  

On the basis of these considerations, the anchorage failure is assumed to occur when 

the stress σs reaches the peak value σmax = fstm,tr (MPa). 

The implementation of the bond slip constitutive laws into the OpenSees numerical 

framework requires the conversion into a M-θs. The M-θs law adopted in this study is 

based on the multi-linear relationship reported in De Risi et al. (2016) and shown in 

Figure 4.23a. 

  

(a) (b) 

Figure 4.23 Multilinear M-θs relationship for bond-slip spring: a) law proposed by De Risi et al. 

(2016); b) modified law. 

The maximum moment Mmax (indicated in Figure 4.23 as M3) is given by the following 

equilibrium equation at the beam-joint interface: 

max , ,, ,
(0.9 )s b s bstm tr b stm tr

df jd fM A A   (Nmm)   (4.15) 

where: As,b (mm2) is the beam longitudinal reinforcement and jdb (≈0.9d) (mm) is the 

beam internal lever arm. The bending moment M1, is the value related to the cracking 

of the beam (De Risi et al. 2016). The moments M2 and M4 are expressed as percentage 

of the maximum moment Mmax: in particular, M2 = 75% Mmax and the residual capacity 

M4 = 40% Mmax according to the proposal by De Risi et al. (2016).  

For what concern the rigid rotations θs of the joint panel due to the slip (s) of the 

reinforcing bars under tension, the formula proposed by Otani and Sozen (1972) is 

employed: 
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    (4.16) 

where (d-d′) (mm) is the distance between the longitudinal reinforcements in tension 

and compression.  

However, in this study, the rigid rotation θs1 is assumed equal to 0.0001, in order to 

define the first branch of the curve reported in Figure 4.23a as rigid. 

The considered values of the slip corresponding to the rotations θs2, θs3, θs4, (ie., s2, s3 

and s4) are those provided by the Model Code (MC 2010) on the basis of the local bond 

stress-slip relationship shown in Figure 4.21; in particular, the cases of the “pull-out 

failure” and the “other bond conditions” are taken into account in this study since they 

represent the most likely scenario deduced from the experimental database used in this 

thesis. In particular, for the rotation θs2, the considered slip is s1 =1.8 mm which 

corresponds to the achievement of the peak condition in the -s law; for the rotation 

θs3, the considered slip is s2 =3.6 mm which corresponds to the beginning of the 

degradation in the -s relationship at the end section of the bar. Finally, for the rotation 

θs4, the considered value is s3 =12 mm which is a representative value of the clear 

distance between bar ribs; as shown in Figure 4.21, s4 is the slip corresponding to 

residual bond stress in the -s relationship. 

The multilinear M-θs curve reported in Figure 4.23a refers to the assumption of an 

elastic modeling of beams and columns (De Risi et al., 2016); under this hypothesis, 

the branch AB of the curve represents the stiffness degradation due to cracking at the 

interface between the beam and the joint panel. In the present work, the cracking 

phenomenon is directly considered in the behavior of beam sections, not anymore at 

the slip spring level, since a nonlinear fiber model is used for beams and columns. 

Consequently, the initial stiffness of M-θs curve (branch OA) does not change until 

the new point A’ defined by intersecting the extension of the branch BC with that of 

branch OA. As a result, the multilinear M-θs law is modified by adopting the 

schematization OA’BCD reported in Figure 4.23b. 

The M-θs law of Figure 4.23b is then assigned to the nonlinear rotational spring at the 

beam-joint interface, representing the possible anchorage failure due to slip of steel 

longitudinal bars. 
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4.4 Summary 

The Chapter presented the numerical model utilized to carry out numerical 

simulations of exterior unreinforced joints through the OpenSees software framework. 

An overview on the most used techniques able to simulate the mechanical behavior of 

these elements is carried out; in particular, lumped-plasticity approaches (using one 

single rotational spring), multi-spring approaches and 3D finite element models have 

been illustrated.  

In this thesis, the so-called “scissors model” by Alath and Kunnath (1995) is adopted 

to represent the beam-column joint element, using a nonlinear rotational spring in the 

middle of the panel zone to reproduce the shear mechanism of the joint. In addition to 

the original “scissors model”, another rotational spring is introduced at the beam-joint 

interface, representing the bond-slip phenomenon of the beam steel rebars anchored 

into the joint. Both these springs have been assigned a multilinear stress-strain 

constitutive relationship, defined by the main phases characterizing the most common 

mechanisms empirically observed in exterior joints. In particular, concerning the shear 

spring, 5 analytical models have been selected from literature, which provide useful 

formula to compute the shear strength of exterior joints, while other 6 models furnish 

the other stress and strain parameters to complete the multilinear constitutive 

backbone. These models will be combined among them to define 30 τ-γ laws able to 

reproduce the shear behavior of the joints available in the database.  

On the other hand, the bond-slip constitutive relationship has been defined following 

the indications of the Model Code 2010 (MC 2010), for both bar stress and slip values. 

Then, both these two stress-strain relationships have been converted in the 

corresponding moment-rotation curves to be implemented in the numerical modeling. 

Nonlinear static analyses, performed on the joints available in the database and 

illustrated in the following Chapter, will identify the numerical model combinations 

which better reproduce the monotonic envelope of the joints in terms of force-drift 

curves. 
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5. NUMERICAL ASSESSMENT OF THE 

LITERATURE CAPACITY MODELS 

In this Chapter, a detailed numerical investigation on the capability of the literature 

analytical models in reproducing the main phases of the monotonic behavior of the 

experimental joints described in Chapter 3 is performed. Although the final purpose of 

this research is to assess the cyclic behavior of exterior beam-column joints, a 

preliminary evaluation of the monotonic envelope of the hysteretic cycles represents a 

crucial step to ensure an effective modeling approach within the finite element 

numerical simulation framework. 

By opportunely combining some of the most widely used analytical models available 

in literature and described in Chapter 2, several stress-strain constitutive laws are 

defined and implemented in nonlinear static analyses aimed at simulating the 

monotonic behavior of a set of experimental joints. The stress-strain constitutive laws 

providing the lowest scatter between the numerical and experimental results in terms 

of force vs. deformation curves are described in detail and then used as a starting point 

to calibrate a new stress vs. strain proposal for 2D exterior joints without 

reinforcements. 

5.1 Monotonic behavior of joints 

5.1.1 Experimental response 

The experimental database introduced in Chapter 3 is used to derive the monotonic 

envelopes from the hysteretic cycles of each joint. In this section, the methodology 

followed to reproduce the monotonic behavior of the joints of the experimental 

database is presented.  

In fact, it is worth noting that the definition of the monotonic phase is an important 

preliminary step in the assessment of the cyclic behavior of beam-column joints.  

The curves obtained from each experimental test in terms of applied force vs. drift (the 

latter obtained by dividing the displacement at the loaded section of the beam by the 
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length of the beam) are then compared with a curve obtained by considering the 

envelope of the experimental hysteretic cycles (see Figure 5.1).  
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Figure 5.1 Monotonic envelopes (in red) derived from the experimental cyclic responses (in blue). 

The evaluation of the multilinear response envelope is essential to define the literature 

capacity models which best approximate the main phases of the shear behavior of the 

joint panel. In fact, the main purpose of this evaluation is to assess whether these 

models, introduced in Chapter 2, are suitable in performing nonlinear static analyses, 

since it is a widely adopted approach required by several current guidelines.   

Moreover, the effects of the cyclic deterioration in terms of strength and stiffness, due 

to the imposed load history, are included in the monotonic envelope experimentally 

observed. 

Concerning the force-drift  shown in Figure 5.1, it is worth noting that only the 

experimental data from the cyclic tests J05 and J01 (Realfonzo et al., 2014) were 

available; the cyclic responses of the other specimens have been extracted from the 

original reference papers and the digitized through the “GetData Graph Digitizer” 

software, which allows to plot the hysteretic cycles step by step with reasonable 
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accuracy, even if it was impossible to reproduce the very first cycles due to poor 

quality of the images.  

Then, the required monotonic paths are obtained through the envelope of the cyclic 

curves in terms of shear force vs. drift, as shown in Figure 5.1.  

Concerning the specific cases of this thesis, for each one of the 15 analyzed specimens, 

two curves representing the monotonic response in case of application of positive or 

negative displacements are obtained. In most of the cases, the response path in the push 

direction (positive) and the path in the pull direction (negative) are quite symmetrical, 

while the test TU1 (Pantelides et al., 2002) and T0 (El-Amoury & Ghobarah, 2002) 

clearly depict an asymmetrical behavior, due to the slippage of the beam bottom 

reinforcing bars. 

5.1.2 Constitutive τ-γ laws 

The monotonic joint behavior reported in Figure 5.1 requires the definition of 

proper τ-γ constitutive laws to be implemented in the main phases of the response. To 

this purpose, the different literature models providing  and  described in Chapter 4 

are combined in a set of 30 constitutive τ-γ laws as reported in Table 5.1. In particular, 

Models 1 to 5 provide analytical formulas for the estimate of the maximum shear 

strength (τ3): 

 model 1 by Kim and LaFave (2009); 

 model 2 by Vollum and Newman (1999);  

 model 3 by Ortiz (1993);  

 model 4 by Hwang and Lee (1999);  

 model 5 by Jeon (2013).  

Provided that the value of 1 is evaluated through the relationship proposed by 

Uzumeri (1977) the remaining two values of the shear stress (i.e., 2 and 4), and the 

four shear strains (1,2, 3, 4), are furnished by the following models, calibrated from 

some experimental observations by the authors: 

- model A by De Risi et al. (2016); 

- models B1 and B2 by Celik and Ellingwood (2008); 

- models C1 and C2 by Shin and LaFave (2004); 
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- model D by Sharma et al (2011).  

In order to reproduce the shear response of the panel zone of joints, all the above 

models are combined. In particular, considering the models providing the estimate of 

the shear strength τmax (Models 1, 2, 3, 4, 5) and those providing the other values of 

shear stress and the strains (Models A, B1, B2, C1, C2, D), a set of 30 τ-γ laws has been 

obtained which are summarized in Table 5.1. For instance, Model 1-A identifies a - 

law where, τ3=τmax is estimated according to the formulation proposed by Kim and La 

Fave (Model 1), whereas τ2, τ4 and 1, 2, 3, 4 assume the values suggested by De Risi 

et al. (Model A) and provided in Table 4.4; Model 5-D, instead, identifies a - law 

where, τ3=τmax is estimated according to the relation proposed by Jeon (Model 1), 

whereas τ2, τ4 and 1, 2, 3, 4 assume the values suggested by Sharma et al. (Model D) 

and provided in Table 4.4. 

 

Table 5.1 Combinations of the literature models for deriving the multilinear shear stress-strain law. 

 
A  

(De Risi et 
al. (2016)) 

B1  
(Celik and 

Ellingwood (2008)) 

B2  
(Celik and 

Ellingwood (2008)) 

C1  
(Shin and LaFave 

(2004)) 

C2  
(Shin and 

LaFave (2004)) 

D  
(Sharma et 
al. (2011)) 

1. Kim & LaFave (2009) 1-A 1-B1 1-B2 1-C1 1-C2 1-D 

2. Vollum & Newman (1999) 2-A 2-B1 2-B2 2-C1 2-C2 2-D 

3. Ortiz (1993) 3-A 3-B1 3-B2 3-C1 3-C2 3-D 

4. Hwang & Lee (1999) 4-A 4-B1 4-B2 4-C1 4-C2 4-D 

5. Jeon (2013) 5-A 5-B1 5-B2 5-C1 5-C2 5-D 

 

5.2 Comparison between numerical and experimental 

curves 

The 30 constitutive τ-γ laws defined in the previous section are here implemented 

to model the 15 experimental tests derived by the database. Nonlinear static analyses 

have been performed by monotonically applying either downwards (positive direction) 

or upwards (negative direction) displacements at the end of the beam. A constant value 

of gravity load, applied to the column end according to the test setup, has been also 

introduced into the model. 
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Consequently, for each one of the 15 analyzed specimens, two curves representing the 

monotonic response in case of application of positive or negative displacements are 

obtained.  

A total of 900 results have been obtained from the analyses by considering the two 

directions of the applied displacement. Because of the wide amount of analyses, in this 

Chapter only the results of the constitutive laws which better approximate the 

experimental response are reported. The entire set of monotonic analyses is reported 

in Appendix A. The comparison between the experimental and the numerical curves 

is made by considering the different factors such as:  

- mean absolute percentage error between the experimental and the numerical  

curve; 

- joint shear strength; 

- joint shear strain. 

5.2.1 Mean absolute percentage error 

A first approach to compare the numerical and the experimental curves has been 

based on evaluating the mean absolute percentage error between the experimental and 

the numerical force, calculated by means of the following formula: 

1

n

i
i

E
Err

n





      (5.1) 

where n is the total number of specimens (15) and Ei is the percentage error of the i-th 

specimen. In particular, Ei has been evaluated by the following formula: 

exp, ,
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100
i num i
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F F
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      (5.2) 

where Fexp,i and Fnum,i are respectively the experimental and the numerical force of the 

i-th specimen corresponding to a fixed level of drift. 

Since the accounted tests come from different literature studies, the corresponding 

experimental curves are characterized by different values of the ultimate drift. On the 

contrary, in this analysis the numerical evaluation of the response of joints has been 

made by setting a limit value of the force in the post-peak phase equal to 75% of the 

peak experimental force (both in the positive and negative direction). This assumption 
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has been necessary to make the range of displacements, where the errors are evaluated, 

the same among all the accounted cases. 

The mean absolute percentage error (Eq. 5.1) has been evaluated by considering:  

i) the whole curve and ii) each one of the four phases in which the numerical monotonic 

curve is divided, as reported in Figure 5.2, that are: pre-peak and post-peak in the 

positive direction (1+ and 2+), pre-peak and post-peak in the negative direction of 

loading (1- and 2-). 

 

 

Figure 5.2 Splitting of the experimental envelope in the four phases (test J40, Hassan et al. (2018)). 

Additionally, it is important to underline that the uniaxial material model “Pinching4” 

available in the library of OpenSees, used to simulate the cyclic response of the joints, 

is characterized by a final branch with a constant value of shear stress: this behavior is 

not observed for the majority of the examined joints. Then, considering a limitation of 

drift to the one corresponding to the 75% of the experimental shear strength, this 

drawback does not affect the evaluation of errors. 

The mean absolute percentage errors obtained by comparing the experimental and 

numerical results for each of the analyzed cases are summarized in Table 5.2. In the 

same table are also reported, for each of the selected cases, the mean values (μ), the 

standard deviation (σ) and the coefficient of variation (CV). For the sake of brevity, 

Table 5.2 reports the errors referring only to the whole curves, while the errors related 
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to the four branches in which the monotonic envelope is divided are reported in 

Appendix B. 

In general, all the analytical models proved to be able to reproduce the test response 

of the abovementioned specimens with a reasonable accuracy: the mean error ranges 

between 20% for the model 5A and 33% for the model 3D.  

Table 5.2 Mean absolute percentage errors for the monotonic envelopes and their mean values. 

 Mean Absolute Percentage Error [%] % %  

 J05 J01 TU3 TU1 #4 T#1 T_C3 T01 T0 BS-L J40 C1 C2 J2 O1 μ σ CV 

1A 12 15 19 22 19 22 18 33 27 14 29 35 21 22 9 21 6.72 0.32 

1B1 14 15 30 29 22 31 29 28 27 20 44 34 20 34 13 26 8.54 0.33 

1B2 n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a n.a n.a. n.a. n.a. 

1C1 14 13 30 28 20 32 28 31 26 18 43 33 20 34 11 25 8.88 0.36 

1C2 n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a 14 n.a. n.a. n.a. 

1D 23 18 42 35 26 41 38 38 28 31 54 38 17 45 22 32 10.60 0.33 

2A 21 50 25 22 14 51 16 47 36 21 21 36* 22* 31 12 29 13.11 0.46 

2B1 13 42 29 25 17 48 16 51 37 17 29 42* 26* 33 12 29 11.93 0.42 

2B2 n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a n.a n.a. n.a. n.a. 

2C1 19 49 29 25 14 46 14 46 36 19 27 35* 22* 32 11 28 11.65 0.32 

2C2 n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a n.a n.a. n.a. n.a. 

2D 18 30 28 30 19 45 26 45 35 19 40 34* 21* 34 13 29 9.29 0.32 

3A 17 51 18 20 22 30 23 51 28 18 40 30 21 18 n.a 27 10.65 0.40 

3B1 13 44 28 28 24 33 33 47 29 15 46 33 20 28 n.a 30 10.51 0.35 

3B2 n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a n.a n.a. n.a. n.a. 

3C1 14 50 29 26 22 33 35 49 27 17 45 36 20 30 n.a 31 11.63 0.37 

3C2 n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a n.a n.a. n.a. n.a. 

3D 17 31 40 34 27 40 43 40 27 20 55 41 14 39 n.a 33 11.21 0.34 

4A 27 50 14 21 16 31 14 33 37 11 39 32 14 37 31 25 11.30 0.45 

4B1 18 43 40 25 19 32 19 35 37 13 34 41 21 36 28 27 9.36 0.34 

4B2 n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a n.a n.a. n.a. n.a. 

4C1 25 49 26 26 16 32 18 38 36 13 39 39 19 35 30 28 10.00 0.36 

4C2 n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a n.a n.a. n.a. n.a. 

4D 18 30 51 30 22 41 33 51 35 22 31 50 30 33 27 32 8.87 0.27 

5A 11 24 14 17 10 33 16 40 31 9 10 38* 23* 17 9 20 9.81 0.49 

5B1 12 19 25 24 15 34 28 35 31 14 17 43* 26* 29 11 24 9.53 0.39 

5B2 n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a n.a n.a. n.a. n.a. 

5C1 9 19 25 25 12 42 28 38 30 13 17 38* 23* 30 10 24 10.23 0.43 

5C2 n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a n.a n.a. n.a. n.a. 

5D 18 17 36 32 10 40 38 37 28 25 30 35* 22* 40 18 28 9.31 0.34 

n.a.: not accounted; *value related to the bond-slip spring. 

 

By examining in detail the results reported in Table 5.2, it is possible to observe that 

only a few of the accounted models show a mean error lower than 25%: Model 1A, 5A, 

5B1, 5C1. On the contrary, the majority of the models provides a mean error higher 
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than 25% and, in particular, the models 1D, 3C1 and 4D underline a mean error greater 

than 30%. Although the error is globally influenced by the coupling between the 

models providing information on the shear strength and the ones furnishing 

information on strains, it is possible to observe that the adoption of the model 5 (i.e. 

the model of Jeon (2013) for evaluating the shear strength) is generally characterized 

by lower values of the mean error, lower than 25% other than the case of the model 

5D. Similarly, in case of the Model 1 (i.e. the one proposed by Kim and La Fave 

(2009)) the mean error ranges between 21-26%, other than the case 1D. Differently, 

the use of the other models for evaluating the shear strength leads to mean errors not 

less than 25%. 

The above table shows the following considerations.  

i) Regarding the error evaluated by considering the whole curve, all the analytical 

models reproduce the test response of the abovementioned specimens with a 

reasonable accuracy. 

It is interesting to observe that both models 1 and 5 were carried out by considering 

the same parameters (i.e. BI and fc) and the same formula at the basis of the calibration 

procedure. On the contrary, the other models account for different parameters and 

consider a mechanical approach based on the strut-and-tie mechanism. 

Considering the error emerged for each of specimens where the panel shear failure 

occurs, it is possible to observe that in case of specimens J05, #4, BS-L, O1 more than 

the 80% of the accounted models provide an error lower than 25% (for these specimens 

a minimum value of errors equal to 9-10% and a maximum value equal to 27-31% are 

indeed observed); in case of specimens T01 and T0 all the accounted models provide 

an error greater than 25% ( a minimum value of errors equal to 26-28% and a 

maximum value equal to 37-51% are observed).   

For sake of clarity, the models B2 and C2 are not taken into consideration in the 

assessment of the percentage errors (n.a. in Table 5.2) since these models show 

excessive relevant excursions in terms of the drift values for all the analyzed 

specimens. Indeed, the maximum values of the range proposed by Celik and 

Ellingwood (2008) and Shin and LaFave (2004) are characterized by high values of 

the strain parameters, thus resulting in significant scatters between the experimental 
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and the numerical curves, especially in the post-peak phase.  

On the other hand, the models B1 and C1, related to the minimum values of the 

proposed range, proved to be more accurate in predicting the monotonic envelope of 

the experimental tests in terms of drifts. It is worth mentioning that this thesis refers to 

the extreme values of the range proposed by Celik and Ellingwood (2008) and Shin 

and LaFave (2004); thus, other possible combinations should be considered to find out 

more appropriate solutions. 

In the case of the specimen O1 (Tsonos, 2002), the models 3A, 3B1, 3B2, 3C1, 3C2, 

3D have been excluded from the analysis. This choice is due to the value of the 

maximum shear strength τ3 calculated through the formula proposed by the Model 3 

(Ortiz, 1993): the computed value (2.19 MPa) is much lower than those experimentally 

observed (3.14 MPa in the push direction and 3.25 MPa in the pull direction). Since 

the stress τ2 is a fraction of the stress τ3, the corresponding τ-γ backbones provided a 

value of τ2 lower than the value of τ1 for the abovementioned models. 

Moreover, in some cases (models from 2A to 2D and from 5A to 5D for the specimens 

C1 and C2) the errors are not taken into account, since the anchorage failure of the 

steel rebars anticipates the shear failure of the joint. These numerical outcomes are not 

consistent with the experimental evidences. 

The tests TU1 (Pantelides et al., 2002) and T0 (El-Amoury & Ghobarah, 2002) were 

experimentally characterized by the anchorage failure of the bottom longitudinal 

reinforcement at the beam-joint interface in the upward direction of the loading. Then, 

in order to use these tests in the context of the thesis, i.e. analyzing cases where the 

shear failure of joint panel occurs, the errors are evaluated only considering the 

experimental envelope curve corresponding to displacements applied in the downward 

direction. 

Analyzing the values of errors reported in Table 5.2, it results that the three numerical 

models showing the lowest overall errors, less than 25%, are the models 5A, 1A, 5C1 

(see Figure 5.3). Nevertheless, in few cases (specimens T#1, T01 and C1) these models 

show errors higher than 30%, which significantly affect the final average. 

The numerical vs experimental comparison of the monotonic envelopes is plotted in 

Figure 5.4. For each specimen, the numerical curves refer to the best three models, 
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namely models 5A and 1A and 5C1, while blue markers in figures correspond to the 

75% of the maximum experimental strength.  

It can be noticed that three numerical models provide a good approximation of the 

experimental response in the majority of the accounted cases. In particular, in most of 

the cases, the model 1A is more conservative than the model 5A, which generally 

overestimates the real strength of the joints. In confirmation of what emerged from 

Table 5.2, the numerical models match well the experimental results of the specimens 

J05 and J01 (Realfonzo et al., 2014), J40 (Hassan et al., 2018), BS-L (Wong, 2005) 

and O1 (Tsonos, 2002).  

By analyzing more accurately the results plotted in Figure 5.4, in general the Model 

5C1 leads to worse errors in comparison to the other models after the peak point. This 

is due to the residual stress and strain values (τ4-γ4) of the constitutive law adopted by 

each of the numerical model. In fact, the residual point strongly affects the post-peak 

stiffness, leading to a smooth or sudden decay of strength. In the case of the Model 

5C1, this point assumes low stress and strain values compared to the other two models. 

Considering the values of stress and strains depicted in Table 5.1, the residual stress 

(τ4) of the Model 5C1 is equal to 0.3τmax, while the same stress is equal to 0.43τmax for 

the models 1A and 5A. Moreover, the corresponding strain γ4 assumes a value of 0.03 

for Model 5C1 and a value of 0.0441 for models 1A and 5A. 

 
Figure 5.3 Ranking of the 3 best models. 
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Figure 5.4 Numerical vs Experimental comparison of the monotonic envelopes: models 1A, 5A and 5C1. 

ii) Regarding the errors evaluated with reference to each of the four phases 

characterizing the monotonic envelope curve, similar values in the pre-peak phase are 

observed, while the largest scatter appears in the peak condition, due to the difference 

in the maximum shear strength and, thus, in the corresponding strain. In particular, the 

Model 5A, showing the lowest percentage error for the whole envelope, match 

satisfactorily the softening phase for most of the tests (specimens TU1, #4, BS-L, J40, 

J2), while it is less suitable for the hardening branch, in spite of low values of the 

errors, for other cases (specimens T#1, T01, T0, C1). In general, the models B2 and 

C2 are the best in reproducing the hardening phase in the majority of the cases. 

However, it is worth mentioning that, in the pre-peak phase, only slight differences are 

noticed among the models (the errors ranges from a minimum of 18% to a maximum 

of 30%); on the contrary, in the post-peak phase, a more relevant difference is detected 

(from a minimum of 14% to a maximum of 43%). 

This is mostly due to the scatters found in predicting the peak condition both in terms 

of strength and the corresponding drift; in fact, some experimental curves show a rather 

constant trend of the peak force, while the numerical ones are characterized by a single 

peak point.  

5.2.2 Joint shear strength 

The shear strength τmax introduced at the constitutive level particularly influences 

the numerical evaluation of the global shear capacity of the joints as deduced from the 

monotonic envelope assessment. 



  

 

126 

 

For the above reason, a second approach to compare the numerical and the 

experimental curves has been based on the joint shear strength.  

The experimental value of the shear strength (τmax,exp) is obtained from the equilibrium 

of the forces acting on the joint panel, that is: 

max,exp
b col

j

VT

A



   (MPa)   (5.3) 

where: Tb is the tensile force acting in the longitudinal bars of the beam, Vcol is the 

column shear force, Aj the cross-section area of the joint.  

The tensile force Tb is given by: 

*( )
2

c
b

b

b

hF L
T

jd

 
   (kN)    (5.4) 

where jdb is the beam internal lever arm, evaluated as jdb=0.90d, where d is the beam 

effective depth, Lb* is the clear length of the beam and F is the lateral load applied at 

the end of the beam. 

On the other hand, the column shear force Vcol is deduced from the following 

equilibrium equation: 

*
b

col

c

F L
V

L


   (kN)     (5.5) 

where Lc is the column length.  

The comparison between the experimental and the numerical values of the shear 

strength is reported in Figure 5.5 considering all the five analytical models adopted in 

the study. For each model, the comparison has been made for all the specimens of the 

collected database in both the positive and negative direction of loading. 

From the plots it emerges that Model 1 is conservative, since most of the points are 

located below the bisector segment, while all the other models are mostly non-

conservative. 
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Figure 5.5 Numerical vs Experimental comparison in terms of maximum shear strength. 

The scatter between the numerical and the experimental shear strength is calculated 

through the mean absolute percentage error as follows: 
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     (5.6) 

where n is the total number of specimens (15) and Ei is the percentage error of the i-th 

specimen. In particular, Ei has been evaluated by the following formula: 

max,exp, max, ,

max,exp,

100
i num i

i

i

E
 




    (5.7) 

where τmax,exp,i and τmax,num,i are respectively the experimental and the numerical 

maximum shear strength of the i-th specimen. 

Table 5.3 summarizes the errors related to the maximum shear strength for both the 

positive and negative direction of loading, except for the specimens TU1 (Pantelides 

et al., 2002) and T0 (El-Amoury & Ghobarah, 2002) which experienced an anchorage 

failure in the pull (negative) direction due to loss of bond at the beam-joint interface. 

The mean values (μ), the standard deviation (σ) and the coefficient of variation (CV) 

are also reported in the table.  

From these analyses it can be stated that Model 1 (Kim & LaFave, 2009) and Model 5 

(Jeon 2013) provided the values of the shear strength in best agreement with respect 

to the experimental tests, with a mean errors equal to 13.11% and 14.39%, 

respectively.  

As highlighted in Chapter 2, these two empirical models derived from the study of the 

shear strength of a wide experimental database, considering several geometric 

configurations.  

On the contrary, the models 2, 3 and 4 were developed using a mechanical approach 

based on a strut-and-tie mechanism, but considering only few experimental cases 

investigated by the authors.  

Moreover, Model 2 by Vollum and Newman (1999) provided the worst results in terms 

of maximum shear strength, with a percentage error of 27.71% and a large standard 

deviation (17.52). In most cases, this model overestimates the experimental results. 
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Table 5.3 Mean absolute percentage errors [%] of the maximum shear strength. 

specimen direction 1 [Kim & LaFave] 2 [Vollum & Newman] 3 [Ortiz] 4 [Hwang & Lee] 5 [Jeon] 

J05 
+ 4.15 18.94 13.44 26.01 10.45 

- 6.89 15.55 10.20 22.41 7.30 

J01 
+ 1.00 30.46 24.42 38.20 10.00 

- 3.66 24.43 18.68 31.82 4.93 

TU3 
+ 5.07 29.71 2.94 3.11 16.38 

- 5.58 29.02 3.46 2.56 15.76 

TU1 + 12.02 20.04 7.11 4.50 7.88 

#4 
+ 25.84 17.11 24.97 23.96 4.08 

- 18.87 9.32 17.92 16.81 4.94 

T#1 
+ 16.04 45.04 22.36 13.04 25.63 

- 18.44 48.04 24.90 15.37 28.23 

T_C3 
+ 21.25 2.70 30.91 12.19 17.87 

- 19.66 15.71 18.60 4.43 24.15 

T01 
+ 9.35 50.19 29.89 19.62 18.21 

- 9.35 50.19 29.89 19.62 18.21 

T0 + 6.44 38.71 0.55 40.77 8.38 

BS-L 
+ 11.29 16.39 12.44 1.16 2.00 

- 1.43 29.32 24.94 12.40 8.89 

J40 
+ 15.98 3.51 29.72 51.45 12.90 

- 20.37 8.55 33.39 43.53 7.00 

C1 
+ 9.86 37.84 1.76 16.85 23.32 

- 27.44 59.90 18.04 3.55 43.05 

C2 
+ 20.23 52.52 20.02 9.54 36.02 

- 19.07 51.05 18.86 10.42 34.71 

J2 
+ 17.19 22.56 9.98 24.46 4.65 

- 10.98 43.63 5.50 45.85 3.09 

O1 
+ 13.28 4.52 30.24 26.91 0.69 

- 16.27 0.91 32.64 22.54 4.11 

μ 13.11 27.71 18.49 20.11 14.39 

σ 7.27 17.52 10.27 14.08 11.30 

CV 0.55 0.63 0.56 0.70 0.79 

 

For a more comprehensive insight, Figure 5.6 shows, in the form of bar charts, the 

maximum shear strength estimated according to the considered five models compared 

with the experimental one, for both the positive and the negative directions of loading. 

Even from this plot, it is possible to observe the greater accuracy of the models by Kim 
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and LaFave (2009) and Jeon (2013) in predicting the experimental strength (reported 

in the figure as a red solid line). 
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(a)             (b) 

Figure 5.6 Model errors in terms of τmax by varying the considered experimental test: push direction 

(a); pull direction (b). 

To summarize the results, the bar charts in Figure 5.7, show the mean error in the 

estimate of τmax computed by the models on all the tests and considering both the 

positive and negative directions together; the error bars also show the positive and 

negative deviation of the error from the mean value.  

From the figure, it emerges the high deviation of the models by Vollum and Newman 

(1999) and Hwang and Lee (1999), while the lowest deviation is observed from the 

model by Kim and LaFave (2009). 

 

 

Figure 5.7 Model errors in terms of τmax on all the tests. 
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5.2.3 Joint shear strain 

A third approach to compare the numerical and the experimental curves has been 

based on the joint shear strain. This parameter is directly related to the drift resulting 

from the force vs. drift monotonic curves. Thus, the approach here presented allows to 

assess the mean percentage errors on the drift values for the four characteristic phases 

of the monotonic envelope (Δ1, Δ2, Δ3, Δ4). 

It is important to highlight that the drift resulting from the monotonic analyses is 

closely related to the rotation θ of the joint panel and, consequently, to its deformation 

γ; in fact, the overall deformability of the sub-assemblages in terms of drift is the sum 

of three contributions: the deformation of the joint γj, the rotation at joint-beam 

interface θb and the rotations (top and bottom) at joint-column interface θc,top and 

θc,bottom. Many literature tests, however, showed that the majority of the imposed drift 

is due to the joint panel distortion and the rotation at joint-beam interface, while the 

rotation of the top and bottom joint-column interfaces are negligible (Ricci et al., 

2016). 

Therefore, the errors related to the numerical vs experimental drifts provide useful 

considerations on the accuracy of the models in terms of strain parameters (γ1, γ2, γ3, 

γ4). 

Both the experimental and the numerical values of the drifts are directly derived from 

the monotonic envelope of each joint. 

Then, in order to simplify the detection of the models showing the lowest error in terms 

of drift, the errors have been evaluated only considering the models 1A, 1B1, 1B2, 

1C1, 1C2, 1D, i.e. employing the relationship by Kim and LaFave (2009) to calculate 

the maximum shear strength, which proved to be the most accurate (see section 5.2.2). 

Figure 5.8 shows the numerical vs experimental comparison of the F-Δ curves in terms 

of drift considering all the five models (1A, 1B1, 1B2, 1C1, 1C2, 1D) together for each 

experimental test, for both the positive (“+”) and negative (“-“) direction of loading. 

Only the positive envelopes are depicted for the specimens TU1 (Pantelides et al., 

2002) and T0 (El-Amoury & Ghobarah, 2002), which experienced the bond-slip 

failure of the beam bottom longitudinal rebars. 
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 (a)                                                                               (b) 

Figure 5.8 Comparison between numerical curves and experimental envelope for the models 1A, 1B1, 

1B2, 1C1, 1C2, 1D: push direction (a); pull direction (b). 
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The mean absolute percentage errors are shown in Table 5.4 together with the standard 

deviation (μ) and the coefficient of variation (CV). Regarding the tests TU1 (Pantelides 

et al., 2002) and T0 (El-Amoury & Ghobarah, 2002), showing an anchorage failure in 

the pull direction, the errors have been computed for the positive branch only. The 

models B2 and C2 have been accounted for the evaluation of the errors related to the 

first drift Δ1 only, since, as discussed in section 5.2.1, they are characterized by 

significant excursions in terms of drift values, especially in the post-peak phase.  

Moreover, in some cases (tests T#1, C1 and C2), the error related to the drift Δ2 is not 

evaluated, since the corresponding numerical force value is much higher than the 

experimental one; thus, a comparison in terms of pre-peak deformation is not 

consistent. 

Table 5.4 Mean absolute percentage errors [%] in terms of drifts (Δ1, Δ2, Δ3, Δ4): push direction (a); 

pull direction (b). 

(a)                                                       (b) 
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As it can be noticed from the errors shown in the table, the models showing the lowest 

errors in terms of drift are: 

Δ1: model B2, with errors of 29% in the push direction and 37% in the pull direction; 

Δ2: model B1, with errors of 20% in the push direction and 33% in the pull direction; 

Δ3: models B1 and C1 in the push direction, with an error of 17%; models A and D 

in the pull direction, with an error of 23%; 

Δ4: model A, with errors of 28% in the push direction and 36% in the pull direction. 

5.3 Remarks and considerations 

The previous results provide useful considerations about the best constitutive τ-γ 

law to be adopted in modelling the static response of the beam-column joints. The 

parameters investigated are: τ1 (stress at cracking), τ2 (pre-peak stress), τ3 (maximum 

stress), τ4 (residual stress), and the corresponding strains (γ1, γ2, γ3, γ4).  

Preliminary considerations about the stress and strain parameters derived from the 

numerical model combinations are here presented for each of the four phases of the 

monotonic envelope. 
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Cracking point:  

The cracking strength τ1 is given by the proposal by Uzumeri (1977) as reported in Eq. 

(4.1). 

Concerning the first drift Δ1, the lowest error is given by the model B2 (Celik & 

Ellingwood 2008) with errors of 29% and 37% in the push and pull direction, 

respectively. The strain parameter γ1 associated with this model is equal to 0.0013.  

Pre-Peak point: 

The pre-peak strength τ2 can be assumed equal to 0.85τmax in accordance with the 

Model A. On the other hand, the lowest error in terms of drift Δ2 is shown by the Model 

B1: 20% in the positive and 33% in the negative direction of loading. The 

corresponding value of γ2 is equal to 0.002.  

Peak point:  

As highlighted by the linear regression analysis discussed Section 5.2.2, the formulas 

by Kim and LaFave (2009) and Jeon (2013) furnished the most accurate results in 

predicting the maximum shear strength τ3. The drift at peak (Δ3) is best approximated 

by the models B1 and C1 in the positive direction (with an error of 17%) and by the 

models A and D in the negative one (with an error of 23%). The related strain 

parameters are equal to 0.01 and 0.0049÷0.005, respectively. 

Residual point: 

The last couple (τ4-γ4) of the constitutive law of the joint panel is well represented by 

the Model A, which provided the lowest error in terms of drift Δ4 (28% and 36% for 

the positive and the negative direction) and the best approximation in terms of 

softening stiffness for most of the cases. Therefore, the residual stress and strain values 

are 0.43τmax and 0.0441, respectively. It is worth mentioning, however, that the errors 

evaluated for the post-peak phase are related to the drift corresponding to the 75% of 

the experimental shear strength.  

Table 5.5 briefly summarizes a preliminary assessment of the proposed parameters (τ-

γ) defining the multilinear backbone of the joint rotational spring for the selected 

experimental database. 
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Table 5.5 Proposed characteristic parameters of the τ-γ constitutive relationship for the joint panel. 

backbone point τj γj 

1 τ1 = 0.29√fc√1 + 0.29σj    (Uzumeri 1977) 0.0013 

2 0.85τmax 0.002 

3 
τmax = 0.483 (BI)0.3 (fc)0.75    (Kim & LaFave 2009) 

τmax = 0.409 (BI)0.495 (fc)0.941 (Jeon 2013) 
0.00490.01 

4 0.43τmax 0.0441 

 

This constitutive law certainly represents a valuable basis for the assessment of the 

behavior of beam-column joints by using a static analysis approach. Nevertheless, the 

cyclic response of joints assumes a relevant role in the assessment of the vulnerability 

of existing RC structures. Thus, it is essential to properly reproduce the cyclic behavior 

of these elements, also taking into account that the joints included in the database have 

been tested under cyclic loading. However, before carrying out numerical cyclic 

analyses, it is first necessary to define a single τ-γ relationship suitable to represent the 

experimental monotonic envelope of the joints included in the database. This issue will 

be discussed in Chapter 6 together with a calibration proposal of the τ-γ parameters for 

exterior joints without reinforcements. 
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6. CALIBRATION OF THE CONSTITUTIVE 

LAW FOR THE SHEAR BEHAVIOR OF 

EXTERIOR JOINTS 

Considering the results emerged by combining the literature models selected in this 

study and presented in the previous sections, a formula able to predict the shear 

strength of beam-column joints, characterized by a greater precision with respect to 

the examined literature models, is here proposed. As shown in the first part of the 

chapter, the formula is obtained by applying a procedure based on the multivariate 

linear regression approach where the influence of some important geometric and 

mechanical parameters is explicitly taken into account. In the second part of the 

chapter, a different procedure is followed to determine the other stress and strain values 

of the multilinear relationship. In particular, the stress parameters are established as a 

percentage of the maximum shear strength, while the strain parameters are derived 

from a sensitivity analysis carried out on the basis of the ranges proposed by the 

literature models. 

6.1 Joint shear strength model 

The assessment of the literature models in predicting the maximum shear strength 

of the experimental database, presented in section 5.2.2, showed that the models by 

Kim and LaFave (2009) and Jeon (2013) provided the lowest values of the mean 

absolute percentage error (13.11% and 14.39% respectively).  

It is worth mentioning that the model by Kim and LaFave (2009) is based on a 

Bayesian parameter estimation method applied to an experimental database collecting 

341 joints of which 110 are exterior joints, but only 10 without transverse steel 

reinforcement.  

On the other hand, considering the predictor variables selected by Kim and LaFave 

(2009), Jeon (2013) utilized a wider experimental database including 715 RC joints of 

which 168 are 2D exterior joints without transverse reinforcement. In particular, Jeon 
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(2013) employed a multiple linear regression to relate the joint shear strength to several 

independent variables in a log-transformed space. 

In the case of exterior joints, both the above models identified the beam reinforcement 

index, BI, and the concrete compressive strength, fc, as the key parameters affecting 

the joint shear strength. Indeed, the model by Kim and LaFave (2009) is based on the 

following formula: 

0.750.3
max ( )0.483( ) fBI c      (6.1)                                                     

and the model by Jeon (2013) on the following one: 

0.9410.495
max ( )0.409( ) fBI c     (6.2) 

As it can be noticed, the only difference between the two equations relies into the 

numerical coefficients calibrated by the authors on the different accounted set of 

experimental cases.  

6.1.1 Proposal of a shear strength model for exterior 

unreinforced joints 

Considering the experimental cases analyzed in the present research, which, 

differently from the database used by Kim and La Fave (2009) and Jeon (2013), only 

concern 2D joints, a multivariate linear regression analysis is developed by considering 

the same predictor variables (BI and fc) and the same structure of the formula used by 

Kim and La Fave (2009) and Jeon (2013) for deriving the shear strength: 

max ( )( )
cb fa BI c      (6.3) 

where a, b and c are the numerical coefficients to be opportunely calibrated. 

The use of a multivariate linear regression analysis instead of a simple linear regression 

method allows to study the relationship between a dependent variable and more than 

one independent variables. The general functional equation is expressed by an additive 

model expressed in a logarithmic scale as follows: 

1 20 1 2ln( ) ln( ) ln( ) ... ln( )nnY X X X          (6.4) 

where:  

Y is the response (dependent) variable;  

Xj (j=1,2…n) are several predictor (independent) variables;  
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j (j=1,2…n) are the coefficients of the regression analysis. 

In the literature, this functional form was employed in several empirical models for 

estimating the main variables affecting the shear strength of beam and column 

elements in RC frame structures (Jeon, 2013) (Haselton et al., 2016). 

Once the numerical coefficients of the relationship are evaluated, the equation (Eq. 

6.4) can be equivalently rewritten in the original multiplicative form: 

1 20 ( )( ) ( ) ...1 2
n

Y Xe X X n
     (6.5) 

The coefficient of determination R2 and the residual standard error σ quantify the 

effectiveness of the predictive model and are evaluated based on the regression 

analysis carried out using the form in Eq. (6.4). 

Referring to the prediction of the shear strength of exterior joints, the independent 

variable is represented by the maximum shear strength τmax and the independent 

variables are those identified by the models of Kim and LaFave (2009) and Jeon 

(2013), BI and fc. 

For the case under examination, Equations (6.4) and (6.5) can be then converted into 

the following Equations (6.6) and (6.7). In particular, Eq. (6.7) is the same expression 

shown in Eq. (6.3). 

max ln( )ln( ) ln( ) ln( )
cb fa BI c      (6.6) 

max ( )( )
cb fa BI c      (6.7) 

To examine the accuracy of the two predictor variables BI and fc on the response 

variable τmax, an analysis of variance (ANOVA) is performed in a log-transformed 

space. In the ANOVA analysis, two different statistic tests have proved the accuracy 

of the regression method adopted: the F statistic test and t statistic test. In particular, 

the F statistic test checks the hypothesis of no significant relationship between the 

predictive independent variables and the single dependent variable (null hypothesis). 

On the other hand, the t statistic test is used to check the hypothesis of no significant 

relationship between a single independent variable and the dependent variable (null 

hypothesis). Both tests must meet the condition of significance at the 95% level, or 

equivalently, a p-value less than the 5%, so that the null hypothesis can be rejected. In 

the F test, this condition ensures that at least one of the coefficients βj in the functional 
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equation Eq. (6.4) is statistically significant; on the other hand, in the t test, a p-value 

less than the significant level, the single predictor variable is significant. 

Usually, a stepwise elimination process is performed until all the remaining variables 

are all significant at the 95% level based on the F test. 

The regression analysis, in conjunction with the ANOVA test, is performed on the 28 

values of the shear strength τmax available from the experimental database analyzed in 

the present study: the evaluation is made both for the positive and the negative 

experimental values, excluding the two values of strength representative of the bond-

slip phenomenon (tests TU1 (Pantelides et al., 2002) and T0 (El-Amoury & Ghobarah. 

2002)). 

Table 6.1 summarizes the results obtained from the regression analysis in terms of F 

test value, root mean square error (σ), correlation of determination (R2) and p-value, 

while Table 6.2 shows the results of each predictor variable in terms of numerical 

coefficients, t test value and p-value.  

Table 6.1 Regression results for the proposed empirical model. 

F test RMSE R2 p-value 

31.61 0.153 0.716 1.43e-7 

 

Table 6.2 Regression results for each predictor variable. 

Predictor variables Coefficient t test p-value 

ln(BI) 0.4448 5.77 5.12e-6 

ln(fc) 0.783 7.81 3.64e-8 

intercept -0.5634 -2.1 0.04 

 

As it can be seen from the previous tables, both the variables (BI and fc) are significant 

at the 95% level based on the F test and each of them, including the intercept, are 

significant at the 95% based on the individual t test. Thus, the null hypothesis can be 

rejected for both the statistic tests; moreover, the coefficients resulting from the 

multiple linear regression can be deemed relevant for the purposes of the predictive 

capacity model. 
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Before definitively accepting the results derived from the multiple regression analysis, 

it is necessary to perform an outlier detection plan in order to identify whether the 

obtained model is appropriate. To this aim, the residuals are plotted against predicted 

values and against the predictor variables to determine whether some data points must 

be eliminated to get a final model. If the residuals are distributed within a horizontal 

band centered around the zero, the model can be deemed accurate and it does not show 

any trend in overestimating or underestimating the output of the independent variable. 

Furthermore, the normal probability plot must be displayed to assess the normality of 

the distribution of the residuals. This condition is achieved if the points in the plot lie 

approximately on a straight line. 

Figure 6.1(a) shows the residual plot against the fitted values ln(τmax), while Figure 

6.1(b) and Figure 6.1(c) display the residuals against the two significant predictor 

variables: ln(BI) and ln (fc). From these plots, it can be noticed that the residuals are 

evenly scattered and no curve trend is observed, indicating a reasonable accuracy of 

the predictive model. Moreover, the normal probability plot in Figure 6.2 shows an 

approximately linear trend. These outcomes prove the effectiveness of the predictive 

shear strength model for exterior joints described in Eq. (6.6). 

 

 
(a) 

 
(b) 

 
(c) 

Figure 6.1 Residual plots for ln(τmax) (a); for ln(fc) (b) and ln(BI) (c). 
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Figure 6.2 Normal probability plot of the predicted values. 

Finally, the functional form of the predictive model can be expressed by the following 

expression (Eq. 6.8), with the numerical coefficients derived from the ANOVA test. 

0.7830.4448
max ln( )ln( ) 0.5634 ln( ) fBI c       (6.8) 

The equation (6.8) can be then converted into the original multiplicative form (Eq. 

6.9): 

0.7830.445
max ( )0.569( ) fBI c     (6.9) 

 

6.1.2 Comparison between the proposed shear strength 

model and the literature models 

By comparing this formula with those provided by Kim and LaFave (2009) (see Eq. 

6.1) and Jeon (2013) (see Eq. 6.2), the following observations on the numerical 

coefficients derived from the ANOVA test can be made. In particular, the main 

difference lies in the intercept term (0.569), which is higher than those of the two 

literature models (0.483 and 0.409); the coefficient term (0.445) representing the 

power of BI is higher than that provided by Kim and LaFave (0.3), but lower than that 

provided by Jeon (0.495); the coefficient representing the power of fc (0.783), instead, 

is slightly higher than that in Eq. (6.1) by Kim and LaFave (0.75), but lower than that 

in Eq. (6.2) by Jeon (0.941). However, as already mentioned, these numerical 

coefficients strictly depend on the different values of the shear strength of each 

experimental database taken into account. Both the literature models and the proposed 
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formula in Eq. (6.9), instead, assume the same mechanical parameters (BI and fc) as 

the main variables affecting the maximum strength of exterior joints. 

Table 6.3 shows the mean absolute percentage error on the resulting values of τmax 

derived from Eq. (6.9), in comparison to those obtained through the models by Kim 

and LaFave (2009) and Jeon (2013).  

Table 6.3 Mean absolute percentage errors [%] of τmax. 

specimen direction 
Kim & LaFave 

(2009) 

Jeon 

(2013) 
Proposed 

J05 
+ 4.15 10.45 5.93 

- 6.89 7.30 2.90 

J01 
+ 1.00 10.00 5.84 

- 3.66 4.93 0.96 

TU3 
+ 5.07 16.38 0.31 

- 5.58 15.76 0.23 

TU1 + 12.02 7.88 6.62 

#4 
+ 25.84 4.08 20.13 

- 18.87 4.94 12.62 

T#1 
+ 16.04 25.63 19.42 

- 18.44 28.23 21.89 

T_C3 
+ 21.25 17.87 22.06 

- 19.66 24.15 26.13 

T01 
+ 9.35 18.21 7.65 

- 9.35 18.21 7.65 

T0 + 6.44 8.38 3.25 

BS-L 
+ 11.29 2.00 12.31 

- 1.43 8.89 2.57 

J40 
+ 15.98 12.90 3.03 

- 20.37 7.00 2.35 

C1 
+ 9.86 23.32 15.54 

- 27.44 43.05 34.03 

C2 
+ 20.23 36.02 25.50 

- 19.07 34.71 24.29 

J2 
+ 17.19 4.65 12.95 

- 10.98 3.09 10.25 

O1 
+ 13.28 0.69 5.42 

- 16.27 4.11 8.68 

μ 13.11 14.39 11.43 

σ 7.27 11.30 9.35 

CV 0.55 0.79 0.81 
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As it can be seen from the table, the mean error of the proposed model is lower than 

the mean error of the two literature models.  

The joint shear strength (τmax,num) calculated from Eq. (6.9) is compared with 

experimental joint shear strength (τmax,exp) from the available database in the linear 

regression analysis depicted in Figure 6.3: the results underline a good estimation of 

the shear strength for both positive and negative values. 

 

 

Figure 6.3 Numerical vs Experimental comparison in terms of maximum shear strength for the 

proposed model. 

6.2 Calibration of the joint shear stress-strain 

backbone parameters 

Once the effectiveness of the regression model in predicting the maximum shear 

strength (τ3) of exterior joints has been proved, the backbone τ-γ relationship needs to 

be completed with the estimate of the remaining stress and strain parameters. 

In particular, the other stress values (τ1, τ2, τ4) have been determined on the basis of the 

indications provided from the literature models selected in this study, whereas the 

strain parameters (γ1, γ2, γ3, γ4) have been defined by carrying out monotonic analyses; 

to this purpose, the experimental force-drift envelopes have been compared to the 

numerical pushover curves, derived by considering different ranges of strain 

parameters and by computing the errors emerged from the numerical vs experimental 

comparison.  

It is important to highlight that, at first, the estimate of the stress parameters is made, 

and, in a second step, the strain values selected from the different ranges are 
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investigated. Therefore, the two procedures are not decoupled, since the percentage 

errors emerged from the sensitivity analyses depend on both the stress and strain 

assessments.  

6.2.1 Stress parameters 

According to the literature models examined, the cracking shear strength τ1 can be 

computed through the formula proposed by Uzumeri (1977). From the results of the 

numerical analyses performed on the 30 τ-γ laws shown in Chapter 5, this first stress 

point is assessed on average at 57% of τmax. 

The pre-peak strength τ2 can be assumed equal to 0.85τmax, according to the model 

proposed by De Risi et al. (2016), which showed the best agreement in predicting the 

pre-peak branch of the monotonic experimental envelopes.  

Moreover, since the minimum pre-peak strength assessed from the literature models is 

0.75τmax (model by Celik and Ellingwood (2008)), while the maximum value is 0.9τmax 

(model by Shin and LaFave (2004), model by Sharma (2011)), the assumed strength 

(0.85τmax) can be considered as an average value of this range. 

Finally, the residual strength point of the backbone is assumed as 0.3τmax, which is 

representative of most of the examined cases.  

6.2.2 Strain parameters: sensitivity analysis 

A higher uncertainty affects the strain parameters of the τ-γ relationship, since the 

proposed values from the literature are merely derived from experimental observations 

on each individual test, and do not depend on particular geometric or mechanical 

properties.  

However, the assessment of the monotonic analyses in terms of drift, shown in Chapter 

5.2.3, provided preliminary indications on the range of strain values which best meet 

the experimental results.  

Thus, a sensitivity analysis is here carried out on all the 15 experimental tests, to 

identify a set of strain parameters to propose in the calibrated shear strength model for 

exterior joints. In particular, the four ranges of strains to assess (γ1, γ2, γ3, γ4) are 

summarized in the following:  
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1 0.0004 0.0008 0.0013        (6.10a) 

         
2 0.0017 0.002 0.004              (6.10b) 

3 0.004 0.006 0.007 0.009 0.010 0.012 0.014 0.016 0.018 0.020          

  (6.10c) 

     
4 0.025 0.03 0.035 0.0441 0.05 0.06 0.07 0.08           (6.10d) 

In order to assess the influence of each strain parameter γj value on the global response 

in terms of force-drift results, the sensitivity analysis has been performed by varying 

every single value of the strain parameters within the proposed range with a very high 

computation effort.  

All this leads, indeed, to a total of 21600 monotonic analyses given by considering the 

(3x3x10x8) values of the strain parameters applied on the 15 experimental specimens 

with 2 directions of loading. 

6.2.3 Results of the sensitivity analysis 

Each of the monotonic curves resulting from the sensitivity analysis is compared to 

the experimental envelope from the database, and the mean absolute percentage error 

is calculate through the relationship explained in Section 5.2.1 and here briefly 

resumed in Eq. (6.11) and Eq. (6.12): 

1

n

i
i

E
Err

n





     (6.11) 

exp, ,

exp,

100
i num i

i

i

F F
E

F


     (6.12) 

where n is the total number of specimens (15), Ei is the percentage error of the i-th 

specimen, Fexp,i and Fnum,i are respectively the experimental and the numerical force of 

the i-th specimen. 

In this section, the errors are necessarily calculated considering the total length of the 

numerical monotonic curve (i.e. until the point τ4-γ4, or, equivalently, until the final 

point of the experimental curve), while the errors computed in Chapter 5 were referred 

to the 75% of the maximum experimental force for the post-peak phase, with the aim 

to establish a conventional failure uniform for all the experimental cases. 
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For each experimental test, the combination of (γ1, γ2, γ3, γ4) which minimize the mean 

absolute percentage error on the monotonic envelope is then identified.  

The resulting combinations are shown in Table 6.4 for each experimental test, in 

conjunction with the related percentage error. The mean values of each γj and the mean 

value of the errors are also reported.  

Table 6.4 Strain parameters minimizing the mean absolute percentage errors. 

 γ1 γ2 γ3 γ4 MAPE [%] 

J05 0.0004 0.004 0.006 0.0441 6.67 

J01 0.0013 0.002 0.004 0.03 9.74 

TU3 0.0013 0.004 0.012 0.07 8.90 

TU1 0.0013 0.004 0.007 0.08 10.19 

#4 0.0004 0.0017 0.009 0.025 15.02 

T#1 0.0013 0.004 0.006 0.05 16.33 

T_C3 0.0013 0.0017 0.020 0.0441 12.08 

T01 0.0013 0.004 0.006 0.05 11.30 

T0 0.0013 0.002 0.006 0.035 10.88 

BS-L 0.0008 0.004 0.01 0.0441 5.19 

J40 0.0004 0.0017 0.007 0.05 8.04 

C1 0.0013 0.004 0.006 0.035 20.33 

C2 0.0013 0.004 0.006 0.035 13.87 

J2 0.0013 0.004 0.020 0.08 7.52 

O1 0.0013 0.004 0.006 0.06 7.11 

μ 0.001087 0.003273 0.008733 0.04882 10.87 

 

As it can be noticed from the previous table, the mean values of the four parameters 

are not so different from those obtained from the preliminary assessment of the joint 

strains carried out in Chapter 5.1.3 and shown in Table 5.5.  

6.2.4 The proposed τ-γ backbone relationship 

The mean values of the strain parameters evaluated in the previous paragraph, 

together with the maximum shear strength defined in Eq. (6.9) and the other stress 
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values proposed in section 6.2.1, are then utilized in defining a new τ-γ proposal for 

evaluating the shear behavior of exterior unreinforced beam-column joints.  

For a more comprehensive view, the four calibrated points in terms of stress and strain 

values for the proposed model are resumed in the following Table 6.5.  

Table 6.5 Shear stress and strain parameters of the proposed constitutive law. 

backbone point τj γj 

1 
1 0.29 1 0.29 jc

f     (Uzumeri  1977) 0.001087 

2 2 max0.85   0.003273 

3 0.7830.4445

max
( )0.569( ) fBI c   

0.008733 

4 4 max0.3   0.04882 

 

Then, the monotonic analyses are performed again by using the values shown in Table 

6.5, both in the positive and negative direction of the loading. Therefore, the mean 

percentage error between the experimental and numerical curve is calculated over the 

whole monotonic envelope. 

In Table 6.6, the errors related to the proposed constitutive law (“Proposed model” in 

Table 6.6) are compared with those obtained from the strain combinations shown in 

Table 6.4 (“Optimal solution” in Table 6.6), i.e. the strains minimizing the errors for 

each individual experimental test.  

The comparison is also performed with the errors provided by the best three literature 

models investigated in Chapter 5.1.1 (“Model 5A”, “Model 1A” and “Model 5C1” in 

Table 6.6).  

As expected, the mean percentage errors of the proposal (related to the mean values of 

the strains) are higher than those derived by the optimal solution (related to the strains 

minimizing the errors), as confirmed by the corresponding average error values 

(15.85% against 10.87%).  

However, it is worth noting that the mean error provided by the proposed model (mean 

values of the strains) are even lower than that derived from the literature models 5A, 

1A and 5C1, which showed mean percentage errors of 20.04%, 21.01% and 23.65% 

respectively.  
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Table 6.6 Mean absolute percentage errors and their mean values for the proposed model, in 
comparison with the errors related to the optimal solution and to the best three literature models. 

specimen 

Mean absolute percentage errors [%] 

Proposed 

model* 

Optimal 

solution** 
Model 5A Model 1A Model 5C1 

J05 8.63 6.67 11.00 12.44 8.87 

J01 18.92 9.74 23.71 14.58 19.42 

TU3 15.60 8.90 14.43 19.13 25.43 

TU1 16.47 10.19 17.35 21.95 24.42 

#4 22.96 15.02 9.88 19.01 11.69 

T#1 18.52 16.33 32.75 22.41 42.44 

T_C3 17.20 12.08 20.09 22.01 28.35 

T01 13.43 11.30 33.52 26.31 32.91 

T0 14.99 10.88 30.68 26.54 30.19 

BS-L 5.55 5.19 9.30 13.87 13.42 

J40 9.07 8.04 10.47 29.08 16.54 

C1 27.42 20.33 17.23 22.47 29.61 

C2 22.98 13.87 37.77 35.02 38.13 

J2 17.49 7.52 23.13 20.91 22.97 

O1 8.71 7.11 9.35 9.46 10.29 

μ 15.86 10.87 20.04 21.01 23.65 

*related to the mean values of the strain parameters minimizing the errors 

** related to the strain parameters minimizing the errors. 

 

For some specimens (J05, T#1, T01, BS-L, J40, O1), there is not a large scatter 

between the “proposed model” and the “optimal solution”, while some others (J01, 

TU3, #4, C1, C2, J2) show a higher difference in the error between these two models. 

Moreover, it is worth mentioning the cases in which the error related to the “proposed 

model” is higher than that related to the literature models. In particular, the Model 5A 

provides better results for the tests TU3, #4, C1; the Model 1A shows lower errors for 

the tests J01, #4, C1; the Model 5C1 furnishes better results for the specimen #4 only. 

In the case of the joint #4, the “proposed model” works worse than all the three 

literature models.  
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However, it should be mentioned that the percentage errors related to the literature 

models have been computed until the 75% of the maximum strength, while the errors 

of both the “proposed model” and the “optimal solution” are evaluated considering 

the whole monotonic envelope.  

The resulting force-drift monotonic curves are displayed in Figure 6.4; for each of the 

fifteen specimen, the red curve represents the “optimal solution” (with the strain 

values minimizing the errors for each test); the green curve represents the “proposed 

model” (with the mean of the strain values minimizing the errors); the black dotted 

curve represents the experimental envelope. 

It is clear the greater accuracy of the “optimal solution” in matching the experimental 

behavior, even if the “proposed model” also provides reasonable results for all the 

analyzed joints. 

Both the numerical curves match the first elastic branch of the experimental envelope 

better than the softening phase; this issue is also common to all the numerical models 

analyzed in Chapter 5. In fact, the main difference between the “optimal solution” and 

the “proposed model” stands after the peak point for most of the cases.  

As it is also shown from the errors in Table 6.6, the proposed numerical model (green 

curve in Figure 6.4) meets well the experimental outcomes in the following cases: J05, 

BS-L, J40, O1. On the other hand, the worst results are shown for the tests #4, T#1, 

TC_3, C1 and C2. Even in this analysis, the negative envelopes of the specimens TU1 

and T0 are related to the nonlinear rotational spring describing the anchorage failure 

of the bottom bars at the beam-joint interface. 

It is noticed that, in the case of the joints showing the higher errors, the main difference 

between the numerical and the experimental results relies in the values of the peak 

force, i.e. in the maximum shear strength. This aspect confirms that the assessment of 

this parameter is a crucial preliminary step in the definition of the shear behavior of 

beam-column joints. 

Moreover, in the cases of joints TU3, TU1, T#1, T01, the “proposed model” is 

characterized by a constant trend after the residual strength point (τ4-γ4 in the 

constitutive law) since the corresponding experimental envelopes experienced high 

excursions in terms of drift in the post-peak phase. 
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Figure 6.4 Numerical vs Experimental comparison of the monotonic envelopes considering the “optimal 

solution” (red curve) and the “proposed model” (green curve). 

6.3 Remarks and considerations 

Starting from the empirical relationships formulated by Kim and LaFave (2009) 

and Jeon (2013), a multivariate regression analysis is performed to develop a new 

predictive equation for the maximum shear strength of exterior 2D joints. The main 

mechanical properties affecting the shear response of the selected joints are the beam 

reinforcement index of the steel rebar in tension (BI) and the concrete compressive 

strength (fc).  

The regression model, in conjunction with an analysis of variance test, showed an 

accurate correlation between the numerical and the experimental shear strength, with 

a mean percentage error of 11.43% and a coefficient of determination (R2) equal to 

0.716. 

The other stress values defining the τ-γ constitutive law are set as percentage of the 

peak strength; in particular τ2 is equal 0.85τmax, τ4 is equal to 0.3τmax, while the stress 

at cracking τ1 is evaluated through the formula proposed by Uzumeri (1977).  
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On the other hand, since a greater uncertainty affects the strain parameters, a sensitivity 

analysis is carried out to establish the combination of strains (γ1, γ2, γ3, γ4) which 

minimize the mean error on the experimental monotonic envelopes. Downstream of 

1440 analyses for each joint (considering separately the two direction of loading), the 

combination providing, on average, the lowest percentage error is thus identified (γ1 = 

0.001087, γ2 = 0.003273, γ3 = 0.008733, γ4 = 0.04882).  

Considering the whole length of the monotonic envelope, the proposed model 

furnished a mean percentage error of 15.86% between the numerical and the 

experimental force-drift curves.  

It is noticed that the model provided a more accurate performance compared to the 

literature models analysed in Chapter 5. In general, the numerical simulations showed 

a good capability of the constitutive law in capturing the monotonic shear behavior of 

the selected joints. 

However, the assessment described in this Chapter is based on a specific set 

comprising 2D exterior joints only, and, therefore, it is not affected by other features 

or joints configuration, such as transverse reinforcement or the presence of orthogonal 

beams (3D joints). 
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7. CYCLIC BEHAVIOR OF EXTERIOR 

BEAM-COLUMN JOINTS 

The aim of this Chapter is to define a proposal for the unloading and reloading rules 

governing the cyclic response of exterior unreinforced joints. To this purpose, cyclic 

analyses are performed on the joints available in the database, by accurately 

reproducing the test procedures described for each specimen.  

The main issue assessed in this part of the thesis is the definition of the degradation 

parameters required by the “Pinching4” uniaxial material, which is adopted to model 

the cyclic behavior of the joints. In fact, besides the multilinear monotonic backbone, 

the material model must be completed by proper parameters defining the strength and 

stiffness degradation and the pinching phenomenon.  

These parameters are representative of a modified version of the Park and Ang index, 

which is employed by the “Pinching4” material to define the damage rules governing 

the hysteretic response of beam-column joint elements.   

The approach followed herein concerns the assessment of some literature works, which 

proposed different groups of degradation parameters on the basis of experimental 

studies carried out by the authors. These parameters are then applied to the 

experimental database used in this thesis and their suitability is investigated through 

the experimental vs numerical comparison in terms of force-drift curves. 

Moreover, the accuracy of the numerical hysteretic response is evaluated by means of 

two fundamental properties: the cumulative dissipated energy and the degradation in 

stiffness at each cycle. Indeed, by minimizing the error between the numerical and the 

experimental results of these properties, a suitable definition of the hysteretic 

degradation laws of the numerical model can be carried out.  

Once the best literature model is identified, a calibration procedure is carried out on 

the “Pinching4” material parameters for all the experimental cases. Again, the 

accuracy of the calibration is ensured by minimizing the error between the numerical 

and the experimental results in terms of energy dissipation and stiffness degradation. 
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7.1 Modeling of cyclic response of joints – 

“Pinching4” model 

Considering the experimental tests accounted in this study for deriving a shear 

stress-strain law able to describe the monotonic response of exterior beam-column 

joints, the attention is here devoted to the cyclic response. To this end, the “Pinching4” 

uniaxial material model (see Figure 7.1), available in the Opensees library (McKenna 

et al., 2010), and developed by Lowes et al. (2003), is still used to carry out the 

parameters governing the hysteresis rule and pinching effect.  

This model has been widely used in several studies available in literature to simulate 

the hysteretic behavior of shear critical elements like beam-column joints or infilled 

frames (De Risi 2015). 

 

Figure 7.1  “Pinching4” material model (adapted from Lowes et al. (2003)). 

The model is based on multilinear envelope response (backbone curve) and a trilinear 

unload-reload path, as illustrated in Figure 7.1. The cyclic degradation is simulated by 

three damage rules, that is, unloading stiffness degradation, reloading stiffness 

degradation (i.e. deterioration in strength developed in the vicinity of the maximum 

and minimum deformation demands) and strength degradation (i.e. deterioration in 

strength achieved at previously unachieved deformation demands). 
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Figure 7.2 shows the different effect of these three damage modes on the hysteretic 

response of the material. 

 

(a) 

    

  

(b)                                                                                    (c) 

Figure 7.2  Damage modes of the “pinching4” material: unloading stiffness degradation (a); 

reloading stiffness degradation (b); strength degradation (c). 

Each of the three hysteretic damage modes is characterized by a modified version of 

the damage index proposed by Park and Ang (1985), dependent on the displacement 

history and the accumulated energy, as follows: 
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 monotonic monotonicload
gE dEE       (7.4) 

where: 

i refers to the current displacement increment; δi is the damage index (0 in case of no 

damage, 1 in case of maximum damage); αj are parameters required to fit the damage 

rule to experimental data; Ei is the accumulated hysteretic energy; Emonotonic is the 

energy required to achieve under monotonic loading the deformation that defines 

failure; defmax and defmin are the positive and negative deformations that define failure; 

dmax and dmin are the maximum and minimum historic deformation demands; δlim is the 

maximum possible value of the damage index; gE is a multiplication factor used to 

define maximum energy dissipation under cyclic loading. 

The same basic equations are used to describe deterioration in strength, unloading 

stiffness and reloading stiffness. For the case of stiffness degradation (refer to Figure 

7.2a): 

0(1 )i ik k k       (7.5) 

where: ki is the current unloading stiffness; k0 is the initial unloading stiffness for the 

case of no damage; δki is the current value of the stiffness damage index. 

The same relationship describes the envelope strength degradations (refer to Figure 

7.2c), as follows: 

0
( ) ( ) (1 )max max ii

f f f      (7.6) 

where: (fmax)i is the current envelope maximum strength; (fmax)0 is the initial envelope 

maximum strength for the case of no damage; δfi is the current value of the strength 

damage index.  

The case of reloading stiffness degradation (refer to Figure 7.2b) is defined by applying 

an increase in the maximum (decrease in the minimum) historic deformation demand: 

0
( ) ( ) (1 )max max iid d d      (7.7) 

where: (dmax)i is the current deformation that defines the end of the reload cycle for 

increasing deformation demand; (dmax)0 is the maximum or minimum historic 

deformation demand; δdi is the current value of the reloading-strength damage index. 

The damage rule of Eq. (7.1) requires the definition of 4 parameters (αj) which must 

be calibrated for each of the three damage indices on the basis of experimental data.  
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By referring to the Eq. (7.1), for each damage index (δki, δfi, δdi), the αj parameters 

must be replaced by these degradation model parameters, as is appropriate: 

 gK1, gK2, gK3, gK4, gKlim: parameters to define unloading stiffness degradation, 

related to δki index; 

 gF1, gF2, gF3, gF4, gFlim: parameters to define strength degradation, related to 

δfi index; 

 gD1, gD2, gD3, gD4, gDlim: parameters to define reloading stiffness degradation, 

related to δdi index. 

Another parameter to be defined is the multiplication factor (gE) already introduced in 

Eq. (7.4): floating point value used to define maximum energy dissipation under cyclic 

loading. Total energy dissipation capacity is given by this factor multiplied by the 

energy dissipated under monotonic loading. 

Moreover, the pinching behavior of the unload–reload path is described by three other 

parameters (see Figure 7.1): 

 rDispP, rDispN: ratio of the deformation at which reloading occurs to the 

maximum (minimum) historic deformation; 

 rForceP, rForceN: ratio of the load at which reloading occurs to the maximum 

(minimum) historic load; 

 uForceP, uForceN: ratio of the load developed upon unloading, from a 

negative (positive) load, to the maximum (minimum) of the load envelope. 

It is worth mentioning that Eq. (7.1) is defined to be a function of the displacement 

history ( maxd ) and energy accumulation (Ei /Emonotonic); therefore, even the 

corresponding coefficients α1, α3 and α2, α4 are representative of these two different 

damage modes. 

Table 7.1 lists the parameters of the “Pinching4” model and a brief description of their 

role. 

The current literature contains examples of calibration of the 16 degradation 

parameters and the 6 unload–reload parameters based on a fitting process of 
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experimental cyclic response of beam-column joints. Some of them are presented in 

the following section. 

 

Table 7.1 “Pinching4” material model parameters. 

Parameter name Description 

rDispP, rDispN Ratio of deformation at which reloading occurs to the 

maximum/minimum historic deformation demand 

rForceP, rForceN 
Ratio of the force at which reloading begins to force 

corresponding to the maximum/minimum historic 

deformation demand 

uForceP, uForceN Stress developed upon unloading from the 
negative/positive branch 

gK1, gK2, gK3,gK4 Control unloading stiffness degradation 

gKlim Damage index limit for unloading stiffness degradation 

gD1, gD2, gD3, gD4 Control reloading stiffness degradation 

gDlim Damage index limit for reloading stiffness degradation 

gF1, gF2, gF3, gF4 Control strength degradation 

gFlim Damage index limit for strength degradation 

gE Factor to define maximum energy dissipation under 

cyclic loading 

 

7.2 Studies available in literature 

The parameters of the “Pinching4” material model, responsible for the cyclic 

behavior, are generally deduced by specifically considering experimental tests which 

are employed for developing a calibration process of these parameters. 

In this thesis, the following studies have been taken as a reference: 

Lowes and Altoontash (2003); Theiss (2005); Hassan (2011); De Risi (2015); Jeon 

(2013).  

It is important to underline that each of these abovementioned authors defined a set of 

“Pinching4” parameters to be consistent exclusively with their own experimental data. 

The study by Lowes and Altoontash (2003) represents one of the first attempts to 

provide specific indications on the hysteretic rules defined by the “Pinching4” material 

model. The proposed unload-reload path and the damage law were assessed through 

the comparison between the simulated and the observed response for a series of four 
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joint sub-assemblages with different design details. The backbone envelope was 

defined through the MCFT approach proposed by Vecchio and Collins (1986). 

Experimental data provided by Stevens et al. (1991) were used to define the response 

under cyclic loading. These data showed an extremely pinched shear stress-strain 

behavior, which was attributed to the opening and closing of cracks in the concrete-

steel composite. The numerical simulations showed that the proposed model 

represented well the fundamental characteristics of observed response, including 

energy dissipation within the joint and the shear failure mode. However, due to the 

limited number of experimental tests investigated by the authors, the accuracy of the 

model should be further assessed for a higher number of joints. 

Theiss (2005) investigated five laboratory tests previously conducted by Walker 

(2001) and Alire (2002). Different cyclic analyses were performed, employing 

simulation and no simulation of the joint’s strength and stiffness deteriorations under 

cyclic loading. The results showed that simulating the strength and stiffness 

deteriorations had a significant impact on the global hysteretic response of the joints, 

especially in terms of maximum drift demands. The effect of the joint modeling was 

also evaluated through dynamic analyses on a three-story RC frame building. 

The work by Hassan (2011) aimed at evaluating the seismic performance of four full-

scale corner beam-column joint sub-assemblies until total collapse. The model 

incorporates the effect of axial load level, overturning seismic moment, joint aspect 

ratio, joint failure mode and the post-shear damage residual axial capacity. To validate 

the appropriateness of the proposed joint model, six additional unconfined exterior and 

corner tests were selected from literature and investigated through numerical 

simulations. 

The study by De Risi (2015) focused on proposing a modelling approach for exterior 

RC joints under cyclic loading in order to assess the seismic vulnerability of existing 

RC buildings typical of Italian/Mediterranean building stock, and to evaluate the 

impact of joints’ response on such a performance. To this purpose, the calibration of 

the key parameters governing the joint panel hysteretic behavior was based on an 

experimental database including 10 tests of which 2 were performed by the same 

author; from the calibration procedure, the mean values of the parameters calibrated 
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from each test were finally proposed. In particular, the applied procedure was 

performed starting from the experimental shear stress-strain backbones and 

minimizing the error in terms of dissipated energy between the numerical and the 

experimental responses. No degradation in strength was introduced (namely all gF 

parameters in Table 9 were set equal to zero) since it was already included in the 

backbone of the joint response obtained from the experimental data. 

Finally, the study by Jeon (2013) furnishes the most complete experimental database, 

which gathers 28 exterior sub-assemblages from literature, including 57 specimens 

exhibiting a joint shear failure mode and 6 exhibiting an anchorage failure mode. Both 

specimens with and without transverse beams were considered. The validation was 

performed based on experimental results to extract the parameters of backbone and 

hysteretic rules so that those parameters could be adequately employed in modeling 

RC frames. The numerical results provided a good correlation with experimental 

results in terms of strength, stiffness and energy dissipation. It was observed that, in 

some specimens, the analytical model overestimated the initial stiffness, while the 

comparison qualitatively improved at higher deformation levels. The mean values of 

the “Pinching4” material parameters, extracted from the model validation, were then 

utilized in the simulations of structures for a probabilistic risk assessment. 

Table 7.2 shows the values of the pinching parameters deduced from the literature 

studies. 

The following considerations emerged from an accurate analysis of the parameters 

reported in Table 7.2: 

- in most of the cases, the pinching parameters (rDisp, rForce, uForce) are assumed 

to be symmetrical between the positive and negative unload-reload path; only Hassan 

proposed different values between the two branches; 

- the models by Lowes and Altoontash, De Risi and Jeon assumed the unloading 

stiffness damage to be a function of the displacement history only, since the parameters 

gK2 and gK4, related to the energy accumulation damage, are set equal to zero. The 

same observation can be made regarding the reloading stiffness degradation 

parameters; in this case, also the model by Theiss indicated that stiffness loss is 
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determined primarily by maximum deformation demand ( maxd ) (gD2 = 0.005; gD4 

= 0) 

Table 7.2 “Pinching4” material parameters selected from the literature. 

Parameter Type Parameter ID 

Lowes & 

Altoontash 

(2003) 

Theiss 

(2005) 

Hassan 

(2011) 

De Risi 

(2015) 

Jeon 

(2013) 

Pinching parameters 

rDispP 0.25 0.11 0.15 0.16 0.2 

rForceP 0.15 0.25 0.35 0.23 0.2 

uForceP 0 0 -0.1 -0.22 0 

rDispN -0.25 -0.11 0.15 0.16 0.2 

rForceN -0.15 -0.25 0.15 0.23 0.2 

uForceN 0 0 -0.4 -0.22 0 

Unloading stiffness 

degradation parameters 

gK1 1.3 0.42 0.5 0.85 0.95 

gK2 0 0.35 0.2 0 0 

gK3 0.24 0.2 0.1 0.12 0.1 

gK4 0 0.028 0.4 0 0 

gKLim 0.89 0.99 0.99 0.96 0.95 

Reloading stiffness 

degradation parameters 

gD1 0.12 0.046 0.1 0.38 0.35 

gD2 0 0.005 0.4 0 0 

gD3 0.23 1.385 1 0.34 0.15 

gD4 0 0 0.5 0 0 

gDLim 0.95 0.99 0.99 0.96 0.95 

Strength degradation 

parameters 

gF1 1.11 1 0.05 0 0.05 

gF2 0 0 0.02 0 0 

gF3 0.32 2 1 0 0.32 

gF4 0 0 0.05 0 0 

gFLim 0.13 0.99 0.99 0 0.25 

Energy dissipation gE 10 2 10 10 10 

 

- both the unloading and the reloading stiffness damage indices limits (gklim and 

gDlim) assumed similar values among all the models; in fact, the maximum value of 

gklim is equal to 0.99 (Theiss and Hassan) and the minimum is 0.89 (Stevens), while 

gDlim assumes a maximum of 0.99 (Theiss and Hassan) and a minimum of 0.95 

(Stevens and Jeon);  

- the displacement history is taken as main factor of the strength degradation index 

for the models by Lowes and Altoontash, Theiss and Jeon (gF2 and gF4 equal to zero); 

- the strength degradation limit (gFlim) is equal to 0.99 for the models by Theiss 

and Hassan (note that this limit value is also assumed for the other damage indices by 
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these authors), whereas much lower values are assumed by the models by Lowes and 

Altoontash, and Jeon (0.13 and 0.25, respectively); 

- the strength degradation parameters assumed by De Risi deserve special attention; 

in fact, all the values related to this damage index are set equal to zero, i.e. no strength 

degradation is included in this model. Due to these parameters, a reduction in the 

envelope curve of the hysteretic cycles would have been shown, leading to a mismatch 

if the monotonic backbone had been previously calibrated through specific analyses 

and assumptions.  Indeed, De Risi in (De Risi et al. 2016) proposed the multilinear 

response envelope, based on some experimental tests, before the definition of the 

degradation laws concerning the cyclic behavior of joints; 

- the energy dissipation factor gE is assumed equal to 10 by all the models, with the 

exception of the model by Theiss, which proposed an energy multiplication factor 

equal to 2. 

These considerations made on the literature values assigned to the “Pinching4” 

degradation parameters represent a useful starting point for carrying out preliminary 

cyclic analyses on the experimental tests available in the database. Then, by assessing 

the models which best reproduce the experimental outcomes, a calibration process will 

be made by minimizing the errors in terms of cumulative dissipated energy and 

stiffness degradation. 

7.3 Proposed approach for the calibration of the 

“Pinching4” parameters 

The finite element model geometry used to simulate the monotonic envelope of the 

experimental joints, is also used to carry out cyclic analyses for the same set of 15 

specimens (see Chapter 3) in the OpenSees platform (McKenna et al., 2010).  

Even in this case, the macro-modeling approach adopted the “scissors model” to 

simulate the joint element, with the two rotational springs in series, representing the 

shear behavior of the joint panel and the bond-slip mechanism at the beam-joint 

interface.  
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The beam and column elements have been discretized as fiber sections, with three 

integration points within the field span. The uniaxial material used are again the 

“Concrete04 – Popovics” model for the concrete material and the “Steel02 – Giuffrè-

Menegotto-Pinto” model for the steel material. The “Pinching4” uniaxial material 

model is again assigned to the two rotational springs.  

The multilinear moment-rotation (M-θ) law required to describe the envelope 

backbone of the shear rotational spring is the relationship derived by the τ-γ calibration 

process illustrated in Chapter 6.  

On the other hand, the M-θs law characterizing the bond-slip spring is the same 

adopted for the monotonic analyses, i.e. the relationship derived by the Model Code 

2010 (MC 2010).  

Besides the implementation of the backbone envelope in terms of moment-rotation 

multilinear laws, the “Pinching4” material model requires the additional parameters 

describing the unloading-reloading path, the strength and stiffness degradation and 

pinching effect, as already introduced in Section 7.1. 

7.3.1 Cyclic analyses using the literature parameters 

The cyclic analyses have been performed by implementing, for each single test, the 

same displacement history described in literature by the authors; thus, a perfect 

correspondence is observed between the numerical and the experimental curves in 

terms of displacement-cycle peaks.  

The analyses have been carried out by applying steps with a 0.1 mm displacement 

increment; a displacement control based integrator has been used in conjunction with 

the Newton-Raphson algorithm to solve the non-linear equation at the current time 

step. In case of no convergence issues, other algorithm types have been used, in the 

order: Secant Newton, Newton with Line Search, Broyden, Linear.  

For each of the 15 experimental specimens, a set of 5 cyclic analyses have been carried 

out by implementing the 5 set of cyclic degradation parameters reported in Table 7.2.  

It is important to highlight that no strength degradation is introduced in all the 5 

models, namely the strength damage index parameters (gF1, gF2, gF3, gF4, gFlim) are 

set equal to zero regardless of the model accounted.  
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As already mentioned for the model by De Risi (2015), even in this work the 

monotonic envelope of each joint has been calibrated in a separate study (see Chapters 

5 and 6) by performing specific monotonic analyses. The introduction of the strength 

loss phenomenon, indeed, would have reduced the envelope backbone, leading to 

worsening with respect to the experimental monotonic curve.  

In order to identify the model which better approximate the cyclic behavior of the tests, 

an assessment is carried out on the basis of the difference between the numerical and 

the experimental response in terms of dissipated energy E and the stiffness degradation 

K at each cycle.  

In fact, these are the properties which mainly govern the shape of the hysteretic loops; 

their evaluation is a relatively simple issue in the post-processing phase of the force-

drift cyclic response. By summing up the area enclosed by each cycle, the total 

cumulative dissipated energy is obtained, which obviously increases with imposed 

displacement. On the other hand, the secant stiffness is calculated through the formula 

proposed by Mayes and Clough (1975) as follows: 

max, max,

max, max,

i i

i i

F F
K

D D

 

 





     (7.8) 

where: F+
max,i and F-

max,i are the peak lateral forces applied to the beam in the two 

directions of loading; D+
max,i and D-

max,i are the corresponding displacements. 

Contrary to the cumulative energy, the secant stiffness decreases with the imposed 

displacement.  

The evaluation of these two properties from the experimental point of view is a more 

complicated issue, since only in few cases they were available from the literature 

studies (Realfonzo et al., 2014) (Pantelides et al., 2002) (Clyde et al., 2000) (El-

Amoury & Ghobarah, 2002).  

For all other tests, the dissipated energy and the stiffness loss have been computed 

from the force-drift cyclic responses and, therefore, it was not possible to obtain the 

data at the very first cycles, due to the impossibility in reproducing the experimental 

cycles; however, even in these cases, an accurate comparison was also possible. 
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7.3.1.1 Results and discussion 

The mean percentage error has been calculated between the experimental and the 

numerical values for both energy and stiffness at each cycle, considering the results 

furnished by the 5 models accounted and shown in Table 7.2. The form of the equation 

is the same used in previous Chapters in the case of the monotonic envelope 

comparison. 

The errors emerged from the analysis are reported in Table 7.3 for both energy and 

stiffness parameters; the mean value (μ) of each model is also shown. As it can be 

noticed, the model minimizing the mean of all the percentage errors is the model by 

Jeon (2013), both in terms of energy and stiffness.  

In fact, the mean errors related to this model are equal to 37.67% and 23.40%, 

respectively, even though also the model by De Risi (2015) shows low values (38.13% 

for the dissipated energy and 23.73% for the stiffness degradation). For both the 

properties, the model leading to the highest mismatch is the model by Theiss (2005). 

 

Table 7.3 Mean percentage errors for energy dissipation and stiffness degradation. 

 

MAPE [%] Energy MAPE [%] Stiffness 

Lowes & 

Altoontash 
Theiss Hassan De Risi Jeon 

Lowes & 

Altoontash 
Theiss Hassan De Risi Jeon 

J05 80 61 79 58 54 9 12 8 9 13 

J01 84 67 77 65 63 16 13 14 14 15 

TU3 27 43 36 23 15 29 31 26 22 21 

TU1 22 60 27 24 26 46 48 49 45 54 

#4 76 70 80 69 63 43 26 40 37 39 

T#1 39 39 38 35 30 28 36 27 21 18 

T_C3 44 29 45 28 28 69 72 61 52 44 

T01 25 45 12 23 24 23 30 23 21 19 

T0 26 22 36 30 22 24 27 24 20 20 

BS-L 29 14 33 23 27 16 21 15 9 8 

J40 55 41 52 45 48 42 30 36 29 27 

C1 25 75 34 64 58 24 22 25 20 18 

C2 33 76 44 60 69 31 24 27 25 22 

J2 40 21 34 16 21 11 27 16 17 18 

O1 18 10 21 9 17 20 44 19 15 15 

μ 41.53 44.87 43.20 38.13 37.67 28.73 30.87 27.33 23.73 23.40 
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By analyzing the tests case by case, some observations can be made regarding the 

joints J05 and J01 (Realfonzo et al., 2014), since they are characterized by high values 

of errors for the energy, but very low values for the stiffness.  

This particular outcome is probably due to the fact that the experimental data of the 

entire cyclic load history were available for these tests. Thus, the comparison has been 

possible also for the very first imposed displacements, which have been proven to 

furnish the highest mismatch in terms of loop width and, consequently, in terms of 

energy dissipation. No substantial differences are observed in terms of secant stiffness 

at each cycle, since the monotonic backbone of the numerical models provided a good 

approximation with the experimental envelope.  

Moreover, it is worth highlighting that, the cases showing the highest errors in terms 

of monotonic envelope (see Chapter 6), are also characterized by high values of errors 

related to energy dissipation and stiffness loss (specimens #4, T#1, T_C3, C1, C2). 

This observation remarks the importance of defining a proper monotonic backbone 

curve before studying the hysteretic cyclic behavior.  

Figure 7.3 and Figure 7.4 depict the cumulative dissipated energy and the stiffness 

degradation, respectively.  

For each test, all the five numerical outcomes are displayed and compared among 

them. As it can be noticed, a large difference is observed between the models in terms 

of numerical energy dissipation, whereas a rather lower scatter characterizes the decay 

of stiffness.   
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Figure 7.3  Cumulative dissipated energy; comparison among the literature models 
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Figure 7.4 Stiffness degradation; comparison among the literature models. 

As emerged from the outcomes shown in Table 7.3 and in Figures 7.3 and 7.4, the 

numerical model derived by adopting the pinching parameters proposed by Jeon 

(2013) provided the best results in terms of dissipated energy and stiffness degradation. 

This aspect is also confirmed by analyzing the plots in terms of hysteretic cycles.    

All the results, in terms of force-drift curves, can be found in Appendix C, while in the 

following Figure 7.5 only the numerical model derived by adopting the parameters 

proposed by Jeon (2013) are shown for each experimental test. 
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Figure 7.5 Force-drift cyclic response using the pinching parameters proposed by Jeon (2013). 
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7.3.2 Improvement of the cyclic model 

Starting from the results shown in the previous section, a calibration procedure of 

the “Pinching4” material model parameters is carried out to provide more accurate 

comparisons with the experimental cyclic behavior of the joints. The details of the 

calibration process are as follows: 

 unload-reload response is observed to be approximately symmetric for positive 

and negative direction of loading; therefore, the negative parameters rDispN 

and rForceN assume the same values of the corresponding positive ones 

(rDispP and rForceP), while the values of uForceN and uForceP are 

asymmetric in some cases due to experimental evidences (specimens TU3, 

T01, C1, J2 and O1) and are usually assigned negative values. The values have 

been set on the basis of the parameters furnishing the best results already 

discussed in section 7.3.1.1; 

 even in this calibration process, no strength degradation is introduced 

(gF1=gF2=gF3=gF4=gFlim=0),  in order to retain the monotonic backbone 

evaluated in Chapter 6; 

 as suggested by some of the studies accounted (Lowes et al., 2003) (De Risi, 

2015), stiffness loss of exterior beam-column joints is determined primarily by 

maximum deformation demand; thus, the parameters related to the energy-type 

damage mode in Eq. (7.1), i.e. gK2, gK4, gD2, gD4, are set to zero; 

 the damage index limit for unloading stiffness degradation (gKlim), in most of 

the analyzed tests, assumes values in the range 0.8-0.96, except in the case of 

joints #4, J40 and O1, which is equal to 0.7, 0 and 0.3 respectively; on the 

contrary, the damage index limit for reloading stiffness degradation (gDlim) is 

set in the range 0.1-0.3, even if it assumes higher values for some of the 

specimens (TU3, #4, T0). Both of these damage indices have been calibrated 

from the observation of the path of the final hysteretic cycles, since the limit 

values of the damage laws affect only the last loops of the response; 

 in the particular case of the test J40 (Hassan et al., 2018), all the unloading 

stiffness degradation parameters are set to zero; 
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 finally, the factor defining the energy dissipation rule is set equal to 1.  

Table 7.4 presents the statistical summary of the calibrated cyclic degradation 

parameters; the minimum and the maximum values, in conjunction with the mean and 

the coefficient of variation are shown for each parameter.  

Table 7.4 Statistical summary of the proposed pinching parameters. 

Parameter Type Parameter ID Min Max Mean COV 

Pinching parameters 

rDispP 0.15 0.3 0.21 0.25 

rForceP 0.1 0.25 0.19 0.24 

uForceP -0.4 0.2 -0.16 0.89 

rDispN 0.15 0.3 0.21 0.25 

rForceN 0.1 0.25 0.19 0.24 

uForceN -0.4 0.2 -0.13 1.3 

Unloading stiffness 

degradation parameters 

gK1 0 1.3 0.72 0.61 

gK2 0 0 0 0 

gK3 0 0.3 0.15 0.51 

gK4 0 0 0 0 

gKLim 0 0.96 0.75 0.4 

Reloading stiffness 

degradation parameters 

gD1 0.1 0.38 0.22 0.38 

gD2 0 0 0 0 

gD3 0.1 0.34 0.21 0.36 

gD4 0 0 0 0 

gDLim 0.1 0.96 0.32 0.8 

Strength degradation 

parameters 

gF1 0 0 0 0 

gF2 0 0 0 0 

gF3 0 0 0 0 

gF4 0 0 0 0 

gFLim 0 0 0 0 

Energy dissipation gE 1 1 1 0 

 

The ranges of values presented in Table 7.4 can provide some useful suggestions for 

setting these parameters in reproducing the cyclic behavior of exterior beam-column 

joints. In general, using value close to the mean, provided an approximately good 

match between the simulated and the experimental hysteretic curves.  It is worth 

mentioning that these parameters have been calibrated to be consistent with the 

experimental exterior joints analyzed in this thesis and, thus, may not guarantee 

appropriate responses if used with other joint configurations.To capture the 

improvement of the numerical model by adopting the proposed cyclic degradation 

parameters, the calibration procedure has been carried out by minimizing the mean 

percentage error between the numerical and the experimental results in terms of 
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cumulative dissipated energy and stiffness loss.  The errors related to these two 

properties are presented in Table 7.5; as expected, the mean error across all the 

experimental joints, is reduced compared to the literature models (see Table 7.3).  

However, the improvement is much more perceived in the energy dissipation, which 

showed the highest values of the mean error for the literature models. In fact, the mean 

error of the proposed model is equal to 24.60%, while the model by Jeon (2013) 

provided an error of 37.67%.  Regarding the stiffness degradation, the proposed model 

furnished an error (23%) very close to that provided by the model by Jeon (2013) 

(23.40%).  

 

Table 7.5 Mean percentage error for energy dissipation and strength degradation of the proposed 
model. 

 
MAPE [%] 

Energy Stiffness 

J05 42 9 

J01 50 13 

TU3 13 23 

TU1 21 41 

#4 59 32 

T#1 28 21 

T_C3 23 42 

T01 11 23 

T0 21 30 

BS-L 22 11 

J40 30 31 

C1 15 19 

C2 12 25 

J2 17 11 

O1 5 14 

μ 24.60 23.00 

 

The plots showing the cumulative dissipated energy and the stiffness degradation for 

the accounted tests are depicted in Figure 7.6 and 7.7 respectively, where suitable 

results provided by the proposed numerical model can be appreciated. 
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Figure 7.6 Cumulative dissipated energy obtained by using the proposed pinching parameters. 
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Figure 7.7 Strength degradation obtained by using the proposed pinching parameters. 

Once the mean errors in terms of energy dissipation and stiffness loss are minimized, 

the accuracy of the numerical model proposed can also be observed from the force-

drift hysteretic cycles depicted in Figure 7.8.  

A good performance is shown by the numerical curves in reproducing the experimental 

results. The attention must be focused on the unloading-reloading path, which is 

governed by the secant stiffness at each imposed displacement, and on the area 

enclosed in each cycle, representing the accumulated energy.  
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As it can be noticed, a clear improvement is obtained with respect to the numerical 

model by Jeon (2013) shown in Figure 7.5.  

The tests showing the highest errors are also characterized by the highest mismatch in 

terms of monotonic envelope, namely the joints #4, T_C3, C2, J2. 
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Figure 7.8 Force – drift cyclic response using the proposed pinching parameters. 

Moreover, for a better comprehension of the suitability of the proposed model, the 

experimental vs. numerical comparison is also performed referring to the first cycles 

of the loading history. This outcome highlights the effectiveness of the proposed model 

in reproducing the strength and stiffness variation from the first displacement steps. 

The corresponding force-drift results are provided in Figure 7.9 for some of the 

analyzed specimens. 
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c) J40 

 

d) O1 

 

Figure 7.9 Force – drift cyclic response referred to the first cycles: a) test T01; b) test BS-L; c) test 

J40; d) test O1 

7.4 Remarks and considerations 

The main purpose of this Chapter is to develop a numerical model for exterior 

beam–column joints which takes into account not only the multilinear stress–strain 

relationship for the backbone envelope, but also the cyclic degradation laws required 

by the “Pinching4” material adopted in the study.   

The calibration process of the parameters characterizing the unloading stiffness 

degradation, the reloading stiffness degradation, the strength degradation and the 

parameters describing the unload–reload path, is based on five previous studies on the 

topic (Lowes et al., 2003) (Theiss, 2005) (Hassan, 2011) (De Risi, 2015) (Jeon, 2013). 

Starting from the values proposed by Jeon (2013), some assumptions have been made 

to establish a set of relevant pinching parameters. In particular, to avoid a reduction in 

the monotonic envelope, no strength degradation is introduced; furthermore, cyclic 

unloading and reloading stiffness degradation are related to the displacement history 

only.  

Appropriate ranges of these parameters are extracted and used in the numerical 

modeling, furnishing a satisfactory comparison between the numerical and the 

experimental cyclic behavior of the analyzed joints.  The cases showing the highest 

mismatch have also shown a discrepancy in the monotonic envelope of the hysteretic 

curves, primarily due to a not very consistent prediction of maximum shear strength. 

Although the pinching model provided detailed rules to simulate cyclic response, the 
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influence of the structural characteristics on the degradation parameters could not be 

extracted from the experimental data and it still needs more in-depth studies.  

Moreover, the accuracy of the calibration could be further improved by using a wider 

experimental database including, besides exterior joints, also joints with transverse 

beams and interior joints. 
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8. USE OF THE PROPOSED MODEL FOR THE 

ANALYSIS OF A RC FRAME 

In the seismic response assessment of existing reinforced concrete buildings, brittle 

failures due to poorly detailed beam-column joints represent a fundamental aspect. 

As discussed in previous chapters, the seismic safety of typical RC structures is 

strongly affected by the nonlinear behavior of joints which are involved in the collapse 

mechanisms due to the lack of structural details.  

In this chapter, the calibrated model for exterior joints, both in terms of backbone 

envelope and cyclic response, is employed to investigate the role of beam-column 

joints on the seismic performance of a 2D RC frame selected from the literature. The 

structure is representative of a design approach for gravity loads typical of older-type 

Italian practice between 1970s and 1980s. 

Within the numerical modeling of the accounted frame, the joint elements are modeled 

by means the stress-strain envelope curve proposed in Chapter 6. 

A pushover analysis is performed in OpenSees to assess the seismic capacity of the 

structure, and different modeling approaches are employed. The first approach 

involves the frame modeling without accounting for beam-column joint elements and, 

thus, rigid links connect beam and column members. The second approach includes 

the proposed model to evaluate the shear behavior of the joints. 

8.1 Description of the RC frame case study 

To properly assess the calibrated model for exterior RC beam-column joints, a case 

study frame building was selected by the work of Del Vecchio et al. (2016). 

The structure is a two-story one-bay belonging to a real reinforced concrete building 

damaged at the joints during the L’Aquila earthquake (2009). The original building 

was designed according to common design practice in the 1970s and, thus, important 

seismic details, such as joint stirrups and a uniform distribution of the column moment 

of inertia in both directions, were neglected. This caused severe structural damages 
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mainly at exterior beam-column joints, as it can be seen from Figure 8.1, with large 

diagonal cracks representative of a typical joint shear failure.  

 

 
(a) 

 
(b) 

Figure 8.1 Beam-column joint damages of the RC case study building: a) joint shear failure at the 

casting joint; b) diagonal joint shear crack at the corner joint of the frame (Del Vecchio et al, 2016). 

According to the post-earthquake seismic assessment carried out in compliance with 

Italian NTC2008 code, the building resulted unsafe because of the joint shear failure. 

The study of Del Vecchio et al. (2016) focused on a single 2D frame constituting the 

most vulnerable part of the structure. However, proper considerations have been made 

on the overall structural behavior, which is not considered to be affected by the mass 

distribution on the floor, assuming the building floors behave as rigid diaphragms. 

Therefore, the mass acting on the selected frame is proportional to the stiffness of that 

frame in the direction of interest and torsional effects due to higher modes are not taken 

into account.  

As stated by the authors, torsional effects may be assumed negligible because of the 

regularity in plan of the building and the uniform column orientation. On the other 

hand, the axial load acting on the columns is simply derived considering the frame 

tributary area. In fact, both axial loads and seismic weights have been evaluated 

through the seismic load combinations recommended by the Italian seismic codes 

(NTC2008). 
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Figure 8.2 shows the geometry and construction details of the reference frame. As it 

can be noticed, the force distribution is also reported for the purposes of the pushover 

analysis: lateral static displacements are applied to the left nodes at the floor levels and 

their distribution is proportional to the mass distribution along the frame height, with 

initial values of 0.62 mm and 1 mm for the first and the second floor respectively; an 

axial load of 90 kN was applied to the first floor columns and 180 kN to the last floor 

ones; a distributed load of 12 kN/m was applied to both the floors. 

The columns of the first floor have a cross-section of 300x600 mm2 and are reinforced 

with (3+3)φ14 deformed bars and 2φ14 intermediate bars, while the columns of the 

second floor have dimensions of 300x500 mm2 with the same longitudinal 

reinforcements used for the first floor columns. The dimensions of both the beams of 

the frame are 300x500 mm2; the reinforcements applied to the first floor beam are 

composed by (3+3)φ14 deformed bars, while the reinforcements used in the second 

floor beam are 2φ14+ 2φ16 at the top section and 2φ14 at the bottom section. 

Furthermore, the transverse reinforcement in beams and columns was designed to 

avoid shear failure of these elements, in order to not preclude shear failure of joint, 

through 8 mm diameter steel stirrups, 200 mm spaced. No stirrups were placed in the 

panel zone.  

The material properties were specified according to in-situ characterization tests. In 

particular, the average concrete compressive strength is 24.5 MPa. The steel used for 

internal reinforcement has an average tensile stress, fym, of about 470 MPa, ultimate 

strength, fu, of about 735 MPa, elastic modulus of about 210000 MPa and ultimate 

strain, eu, of about 18.6%. 
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Figure 8.2 Geometric configuration and structural details of the selected RC frame (dimensions in 

mm) (Del Vecchio et al. 2016). 

8.2 Numerical modeling and analysis 

The numerical model of the selected frame is implemented in the OpenSees 

software framework with the purpose to compare the pushover analysis results 

obtained with those showed by Del Vecchio et al. (2016). 

Two structural models of the frame are analyzed, according to the following different 

approaches: 
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1- Nonlinear behavior of beam-column joints is neglected and the joint region is 

simply reproduced through rigid connection of frame elements. This modeling 

case is denoted as “noJ” (no joint); 

2- The joint shear behavior and bond-slip mechanism are taken into account on 

the basis of the modeling approach discussed in Chapter 4. This second case is 

denoted as “wJ” (with joint) model. 

In order to model the flexural deterioration of beam and column elements, a fiber 

discretization approach is used at the section level in both the modeling cases. 

Similarly to the approach discussed in Chapter 4 for the beam-column joint modeling, 

an inelastic fiber element along the member lengths is used for beams and columns, 

with five integration points within the field span. The column cross-section was 

modeled through 30 fibers along the height and 15 along the base for the first floor 

columns, whereas 25 fibers along the height and 15 along the base have been used for 

the second floor columns and both the beams. 

Same uniaxial stress-strain materials introduced in Section 4.3.2 are here employed in 

the numerical simulations; in particular, “Concrete04” was used to model the concrete 

behavior, while “Steel02” material model was employed to reproduce the uniaxial 

cyclic behavior of reinforcing steel. The parameters described by each material are 

already discussed in section 4.3.2. 

In this case, the joint region is reproduce by the “BeamColumnJoint Element” 

available in the OpenSees library and shown in Figure 8.3, which is usually employed 

in the numerical modeling of beam-column joints within two-dimensional RC frame 

structures. The formulation of this element was developed by Lowes and Altoontash 

(2003) and is compatible with the line elements traditionally used in two-dimensional 

structural analysis. The model is composed by a 4-node 12-degree-of-freedom macro-

model element with eight zero-length translational bar slip springs, four interface shear 

springs, and a panel zone. 
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Figure 8.3 “BeamColumnJoint Element” used to model the joints of the selected frame (Lowes & 

Altoontash, 2003). 

Few data are available for use in evaluating a constitutive relationship for the interface-

shear components of the model; thus, the development of this constitutive relationship 

is not addressed, and a stiff elastic load-deformation response is assumed for this 

interface components. 

On the other hand, the joint panel zone and the springs related to the bond-slip 

mechanisms are employed in the “Pinching4” uniaxial material model. All the 

parameters required to develop proper multilinear moment-rotation (M-θ) backbone 

relationships for these springs have been plenty described in Chapter 4. More in detail, 

the monotonic backbone in terms of stress and strain parameters required for the shear 

panel is implemented on the basis of the calibration procedure carried out in Chapter 

6, which provided the following values of stresses (τj) and strains (γj). 

Table 8.1 Parameters adopted to define the stress-strain backbone of the joint panel. 

backbone point τj γj 

1 1 0.29 1 0.29 jc
f     (Uzumeri 1977) 0.001087 

2 2 max0.85   0.003273 

3 
0.7830.4445

max
( )0.569( ) fBI c   0.008733 

4 4 max0.3   0.04882 
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The bond-slip springs are modeled as discussed in Section 4.3.4, i.e. by adopting the 

indications furnished by the Model Code 2010 (MC 2010) for the stress and strain 

values, along with the multilinear law proposed by De Risi et al. (2016) and then 

modified to account for the cracking phenomenon directly considered in the fiber 

modeling of beam sections. 

There was no need to define the parameters describing the strength degradation and 

the unloading/reloading stiffness degradation, since only nonlinear static analyses 

have been carried out for the assessment of the RC frame. 

For both the structural models (“noJ” and “wJ”) the numerical analysis is then carried 

out by firstly applying the gravity load patterns, namely the one related to the 

distributed load on the beams and the one related to the forces acting on the top of the 

columns. Later, keeping constant the gravity loads, the lateral load distribution is 

applied to the left side of the frame through a displacement control procedure with 0.1 

mm increase at each loading step.  

8.2.1 Numerical results 

The capacity curves emerged from the pushover analyses are shown in Figure 8.4. 

The reference curve obtained by Del Vecchio et al. (2016) is here compared with both 

the numerical curves related to the structural models accounted, i.e. the model without 

joint modeling (“noJ”) and the model considering the joint modeling (“wJ”).  

As it can be noticed, the three curves show the same linear elastic path until a shear 

strength value equal to about 100 kN and a corresponding displacement level of 15 

mm. As highlighted by Del Vecchio et al. (2016) this point represents the initiation of 

the inelastic behavior of the structure, with large diagonal cracks in the joint panels of 

the first level. 

After the first joint cracking, both the numerical curves follow different paths from the 

reference curve; in particular, the capacity curve related to the model without joint 

modeling shows an overestimation of the overall nonlinear behavior in terms of shear 

strength, while the curve with joint modeling is characterized by lower values of 

strength and, thus, slightly underestimate the capacity of the RC frame. 
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Moreover, the “noJ” curve is characterized by three main phases: the linear elastic 

branch and a nonlinear trend which can be divided in a first branch with increasing 

strength until the value of 190 kN and a subsequent path with constant strength. This 

is in contrast with the trend observed by the reference curve, which shows a more 

gradual growth until the maximum strength (166 kN); after this peak point, a sudden 

drop in the lateral load bearing capacity, due to the joint shear strength degradation, is 

observed.  

On the other hand, the curve related to the model considering the joint modeling (“wJ”) 

shows a behavior much more similar to the reference one, with a softer strength decay 

after the achievement of maximum strength (152 kN). 

To better represent the difference between the capacity curves, the mean absolute 

percentage error is calculated for the entire length of the curves. In particular, an error 

of 13.67% is observed for the “noJ” curve, while the “wJ” curve provided an error of 

8.54%, thus resulting in a better comparison with respect to the reference capacity 

curve obtained by Del Vecchio et al. (2016). 

 

 

Figure 8.4 Pushover curves of the selected frame: comparison between the reference curve (black 

dotted line), the model without joint modeling (blue line) and the model with joint modeling (red line). 
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In order to understand the contribution of each of the four joints to the overall 

deformability of the frame, the deformations related to the shear panel springs and the 

bond-slip springs have been also assessed.  

As it is shown in Figure 8.5, in accordance to what observed by the analysis carried 

out by Del Vecchio et al. (2016), the highest shear deformation contributions are those 

observed in the first level joints, reaching an ultimate deformation of 0.014 mm, 

whereas the contributions due to the second level joints are negligible. 

Moreover, Figure 8.6 and Figure 8.7 show the deformation contributions due to the 

bar-slip springs and the shear panel for both the joints of the first level, denoted as 

“joint 1” (left joint) and “joint 3” (right joint).  

In both the cases, the shear panel deformation is much more relevant than the bar-slip 

deformations, even if this second contribution is slightly higher for “joint 3” with 

respect to the “joint 1”, which is characterized instead by a quite linear trend.  

The main difference in the shear panel deformation paths is due to the point 

corresponding to the initiation of the nonlinear behavior; in fact, the linear elastic 

branch related to the “joint 1” is more developed than the same point belonging to the 

“joint 3” in terms of strength. This behavior is also confirmed by the results provided 

by Del Vecchio et al. (2016), which observed the first large diagonal cracks in the 

“joint 3” for low values of shear strength. 

 

 

Figure 8.5 Contributions of the four joints in terms of shear deformation. 
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Figure 8.6 Contribution of the shear panel and the bar-slip springs deformations for the joint 1. 

 

 

Figure 8.7 Contribution of the shear panel and the bar-slip springs deformations for the joint 3. 

In light of the above outcomes, the numerical analysis pointed out satisfactory match 

with the capacity curve selected from the study by Del Vecchio et al. (2016) and with 

the damages observed in the field inspections on the selected frame. 

If the joint nonlinear behavior is neglected (model “noJ”), the seismic capacity of the 

frame is significantly overestimated in terms of shear strength and stiffness.  
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On the contrary, if the model accounts for the shear behavior of the joints (model “wJ”) 

the frame seismic capacity is properly reproduced considering the full exploit of joint 

shear strength and the related deformation. 

Therefore, the proposed model for exterior beam-column joints can be deemed suitable 

to be included in nonlinear analysis on RC frames designed with poor seismic details.  
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9.CONCLUSIONS 

9.1 Final remarks 

This thesis focuses on the seismic behavior of exterior beam-column joints of 

existing RC structures designed for gravity loads only. These structural elements have 

a key role on the structural safety of concrete buildings under seismic loading. In fact, 

recent seismic events and scientific studies pointed out that the seismic vulnerability 

of existing RC structures is often related to the brittle failure of these members. 

Concrete buildings designed prior to the development of recent seismic codes 

generally lack joint transverse reinforcements. New design and detailing approaches 

have been thus proposed to improve the seismic performance of building components, 

including beam-column joints. 

In the current study, an exhaustive literature review has been performed, aiming at 

properly understanding the seismic behavior of exterior joints without transverse 

reinforcement, since they have been proved to be the most vulnerable joint typology if 

subjected to external shear forces. 

Based on the results of the research conducted and discussed in this thesis and within 

the limitations of the calibration process for the developed model, the main findings 

and results of this investigation are briefly summarized hereafter.  

9.1.1 Monotonic behavior 

The typical mechanical response, generally exhibited by joint elements, is modeled 

through a multilinear τ-γ constitutive law describing the main phases of the shear 

behavior of the joints: cracking, pre-peak, peak and residual points. The definition of 

this relationship is an important preliminary step within the numerical modeling 

framework 

Study of a wide set of capacity models predicting the maximum shear strength of joints 

enabled the identification of the following five analytical formulations to evaluate the 

peak strength of the shear constitutive law: Kim and LaFave (2009), Vollum and 

Newman (1999), Ortiz (1993), Hwang and Lee (1999), Jeon (2013). 
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The other parameters of the multilinear τ-γ backbone are provided by the following 

models: De Risi et al. (2016), Celik and Ellingwood (2008), Shin and LaFave (2004), 

Sharma et al. (2011). 

By combining these models, a set of 30 τ-γ backbones, reproducing the shear behavior 

of the panel zone, is proposed and employed for performing numerical simulations. 

The numerical modeling of exterior joints, carried out by using the OpenSees software, 

is implemented through the “scissors model” reproducing the shear panel through a 

nonlinear rotational spring inside the joint core and an additional spring modeling the 

anchorage failure due to the bond-slip mechanism at the beam-joint interface. Both the 

springs required the conversion of the shear stresses into the moments and the shear 

strains into the rotations of the joint. 

In order to assess the capability of the obtained laws to reproduce the experimental 

behavior of beam-column joints, a set of fifteen specimens selected from the literature 

and representative of typical exterior beam-column joints have been considered and 

subjected to monotonic analysis through the application, either downwards or 

upwards, of displacements at the end of the beam. 

In general, the numerical models proved to be able to reproduce the test responses of 

the experimental specimens with a reasonable accuracy. 

The monotonic analyses defined the combinations of the models that better simulate 

the observed behavior of the specimens; in particular, the best models are identified 

through the comparison between the numerical and the experimental force-

displacement curves by considering different factors, such as: 

1. mean absolute percentage error between the experimental and the numerical 

curve; 

2. joint shear strength; 

3. joint shear strain 

1) As regards the first approach, the evaluation of the absolute percentage error 

between the theoretical and the experimental curves is made up to the conventional 

value of 75% of the maximum experimental strength. 
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A good correlation between the numerical and the experimental results is also assessed 

for the joints which experienced the anchorage failure of the bottom beam rebars. 

The lowest mean errors, in terms of force-displacement curve, is provided by the 

following combinations: 

- Model 5A: obtained by combining among them the model proposed by Jeon 

(2013) and the one proposed by De Risi et al. (2016); 

- Model 1A:  combination of the models by Kim and LaFave (2009) for the peak 

strength and by De Risi et al. (2016) for the other stress and strain parameters; 

- Model 5C1: where the maximum strength is provided by the model of Jeon 

(2013) and the other values are represented by the lower bound suggested by 

Shin and LaFave (2004). 

The three abovementioned numerical models reproduced more or less accurately the 

experimental behavior; in particular, in most of the cases, the Model 1A is more 

conservative than the Model 5A, which generally overestimates the real strength of the 

joints. On the other hand, the Model 5C1 leads to worse errors in comparison to the 

other models after the peak point. 

2) The mean percentage error is used to calculate even the scatter between the 

numerical and the experimental values of the maximum shear strength. From these 

analyses, it can be stated that Model 1 and Model 5 provided the values of the shear 

strength in best agreement with respect to the experimental tests. 

3) The joint shear strain is directly related to the drift resulting from the force vs. drift 

monotonic curves. To simplify the detection of the models showing the lowest error in 

terms of drift, the errors have been evaluated only considering the models 1A, 1B1, 

1B2, 1C1, 1C2, 1D, i.e. employing the relationship by Kim and LaFave (2009) to 

calculate the maximum shear strength, which proved to be the most accurate. The 

results showed that the strain values are well represented by the lower bounds of the 

models proposed by Celik and Ellingwood (2008) and Shin and LaFave (2004), and 

by the specific values provided by De Risi et al. (2016). 
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9.1.2 Calibration of the constitutive shear law 

Considering the results emerged by combining among them the literature models, a 

formulation able to predict the joint maximum strength of the selected database is then 

proposed on the basis of a multivariate regression analysis. Starting from the empirical 

relationships formulated by Kim and LaFave (2009) and Jeon (2013), the beam 

reinforcement index and the concrete compressive strength have been assumed as 

basic predictor variables affecting the shear strength of exterior joints.  

The proposed model, properly assessed through an analysis of variance test, proved an 

accurate correlation between the numerical and the experimental shear strength.  

Then, a different procedure is followed to determine the other stress and strain values 

of the multilinear relationship. The stress parameters are defined as a percentage of the 

maximum shear strength, whereas a sensitivity analysis is carried out to establish the 

combination of strains which minimize, on average, the mean error on the 

experimental monotonic envelopes. 

The proposed model provided a more accurate performance if compared to the 

literature models. 

9.1.3 Cyclic behavior 

The constitutive stress-strain law deduced from the monotonic analysis represents a 

valuable basis for the assessment of the shear behavior of exterior beam-column joints. 

However, it has been widely recognized that the cyclic response of joints is paramount 

in the assessment of the seismic vulnerability of existing RC structures.  

To this purpose, cyclic analyses have been carried out on the joints available in the 

database by taking into account in the numerical modeling not only the calibrated 

multilinear backbone law, but also the cyclic degradation parameters required by the 

“Pinching4” material adopted in the study.  

In particular, a calibration process has been performed on the parameters describing 

the unloading stiffness degradation, the reloading stiffness degradation, the strength 

degradation, which derived from a modified version of the damage index proposed by 

Park and Ang (1985); other parameters instead defined specific points along the 

unload-reload path.  
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Starting from the values proposed by some literature studies, the correlation between 

the numerical and the experimental hysteretic cycles has been made in terms of 

cumulative dissipated energy and stiffness degradation at each cycle.  Then, for each 

experimental test, appropriate ranges of these parameters have been proposed 

assuming no strength degradation in the model and relating the unloading and 

reloading stiffness degradation to the displacement history imposed.  

The cyclic analyses provided satisfactory results for most of the experimental joints. 

It is worth remarking, however, that the joints showing the worst comparison were 

also characterized by high discrepancy in terms of monotonic envelope. In fact, it 

emerged that the cyclic response of the joints is strongly affected by the monotonic 

backbone. For this reason, it is essential to accurately assess the multilinear stress-

strain relationship describing the shear behavior of the joint panel. 

The aspect related to the pinching parameters defining the cyclic behavior of joints 

still needs further insights to properly define the degradation parameters from the 

assessment of structural characteristics.  

Moreover, other joint configurations should be assessed in this investigation, including 

the effects due to orthogonal beams, interior joint typologies or joints with transverse 

reinforcements.  

9.1.4 RC frame modeling 

The numerical modeling of beam-column joint is also employed to assess the seismic 

performance of a 2D RC frame case study designed according to older-type Italian 

codes, which provided recommendations for gravity loads only.  

Two different modeling approaches have been developed; the first approach was 

implemented without accounting for the joint modeling, i.e. only frame elements have 

been considered through a fiber discretization method; the second one was developed 

by taking into account the joint modeling contribution to the overall shear deformation 

of the RC frame.  

A pushover analysis is carried out on the frame building to assess its seismic capacity; 

in particular, the capacity curve obtained by considering the joint modeling is more 

accurate if compared to the reference pushover curve derived from the literature.  
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The highest shear deformation contributions are those observed in the first level joints 

and are in agreement with the literature outcomes and the damages observed in the 

field inspections on the structure. 

It must be concluded that the proposed model for exterior beam-column joints provides 

accurate results if used in nonlinear analysis of poorly detailed RC frames. 

 

9.2 Future developments 

Further studies are needed to examine the possibility to implement the proposed 

capacity shear strength model to other joint typologies that experience premature shear 

failures. In fact, other cases, which have been neglected in this study, are widespread 

in existing reinforced concrete structures and should be investigated: joints with 

transverse reinforcements, joints with plain round bars, joints with orthogonal beams 

(3D joints), interior joints and joints strengthened with innovative systems, such as 

composite materials. 

In particular, it might be interesting to evaluate if the proposed formulation for the 

joint shear strength capacity can be applied also to these other joint types or should 

need specific improvement considering further mechanical properties and structural 

details to be considered as influence variables on the joint seismic response.  

Even if the proposed model provides a simplified and valuable tool for the evaluation 

of the monotonic and cyclic response of exterior joints, the mechanical and 

geometrical parameters affecting their seismic behavior still deserve attention. In fact, 

the influence of other parameters such as the joint aspect ratio, the column axial load, 

the beam steel rebars (plain or deformed), the anchorage configuration of the bars 

inside the joint panel, should be further investigated, even in light of the experimental 

campaigns available in the literature. 

Furthermore, the constitutive relationship describing the bond-slip mechanism of the 

beam longitudinal reinforcements should be more accurately investigated by 

examining a specific experimental database of exterior joints which experienced an 

anchorage failure due to the slippage of the beam rebars. In fact, the proposed joint 

modeling has taken into account only one stress-slip constitutive law which, although 
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provided a good agreement with respect to the experimental outcomes considered, 

needs further assessment. Moreover, other stress-slip laws from the literature deserve 

accurate studies to evaluate their suitability to be implemented in the numerical 

modeling of beam-column joints. 

An important novelty in this field could be represented by the numerical modeling of 

joints strengthened with composite materials, since a constant increasing interest is 

shown by the scientific community in investigating the behavior of strengthened joints 

through experimental campaigns. On the contrary, very few studies on the numerical 

modeling of strengthened joints are available in literature. The investigation should 

include new retrofit systems, such as fiber reinforced polymers, epoxy injected 

reinforcement, external steel plates for strengthening of shear deficient unconfined 

exterior beam-column joints. 

Finally, further refinements of the proposed model should be carried out on a wide 

number of test data. Moreover, a simpler strength and stiffness degradation model 

should be developed with respect to the damage laws presented in this thesis. 

Once a generalized version of the model (including the aforementioned case studies) 

is properly assessed, further studies will be required in order to adopt the proposed 

formulation in the numerical design and assessment of reinforced concrete frame 

buildings.    

This aim can be achieved by implementing the developed joint model into finite 

element software and conduct not only nonlinear static analyses, but also nonlinear 

dynamic analyses to better understand the effect of joint shear behavior and failure on 

overall building performance.  
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APPENDIX A 

Numerical-experimental comparison of the monotonic 

envelopes for the 30 literature models 

Specimen J05 by Realfonzo et al. (2014) 

 

Model 1A 

 

Model 1B1 

 

Model 1B2 

 

Model 1C1 

 

Model 1C2 

 

Model 1D 

 

Model 2A 

 

Model 2B1 

 

Model 2B2 
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Model 2C1 

 

Model 2C2 

 

Model 2D 

 

Model 3A 

 

Model 3B1 

 

Model 3B2 

 

Model 3C1 

 

Model 3C2 

 

Model 3D 

 

Model 4A 

 

Model 4B1 

 

Model 4B2 

 

Model 4C1 

 

Model 4C2 

 

Model 4D 
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Model 5A 

 

Model 5B1 

 

Model 5B2 

 

Model 5C1 

 

Model 5C2 

 

Model 5D 

 

 

 

Specimen J01 by Realfonzo et al. (2014) 

 

Model 1A 

 

Model 1B1 

 

Model 1B2 

 

Model 1C1 

 

Model 1C2 

 

Model 1D 
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Model 2A 

 

Model 2B1 

 

Model 2B2 

 

Model 2C1 

 

Model 2C2 

 

Model 2D 

 

Model 3A 

 

Model 3B1 

 

Model 3B2 

 

Model 3C1 

 

Model 3C2 

 

Model 3D 

 

Model 4A 

 

Model 4B1 

 

Model 4B2 
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Model 4C1 

 

Model 4C2 

 

Model 4D 

 

Model 5A 

 

Model 5B1 

 

Model 5B2 

 

Model 5C1 

 

Model 5C2 

 

Model 5D 

 

 

 

Specimen TU3 by Pantelides et al. (2002) 

 

Model 1A 

 

Model 1B1 

 

Model 1B2 
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Model 1C1 

 

Model 1C2 

 

Model 1D 

 

Model 2A 

 

Model 2B1 

 

Model 2B2 

 

Model 2C1 

 

Model 2C2 

 

Model 2D 

 

Model 3A 

 

Model 3B1 

 

Model 3B2 

 

Model 3C1 

 

Model 3C2 

 

Model 3D 
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Model 4A 

 

Model 4B1 

 

Model 4B2 

 

Model 4C1 

 

Model 4C2 

 

Model 4D 

 

Model 5A 

 

Model 5B1 

 

Model 5B2 

 

Model 5C1 

 

Model 5C2 

 

Model 5D 
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Specimen TU1 by Pantelides et al. (2002) 

 

Model 1A 

 

Model 1B1 

 

Model 1B2 

 

Model 1C1 

 

Model 1C2 

 

Model 1D 

 

Model 2A 

 

Model 2B1 

 

Model 2B2 

 

Model 2C1 

 

Model 2C2 

 

Model 2D 

 

Model 3A 

 

Model 3B1 

 

Model 3B2 
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Model 3C1 

 

Model 3C2 

 

Model 3D 

 

Model 4A 

 

Model 4B1 

 

Model 4B2 

 

Model 4C1 

 

Model 4C2 

 

Model 4D 

 

Model 5A 

 

Model 5B1 

 

Model 5B2 

 

Model 5C1 

 

Model 5C2 

 

Model 5D 
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Specimen #4 by Clyde et al. (2000) 

 

Model 1A 

 

Model 1B1 

 

Model 1B2 

 

Model 1C1 

 

Model 1C2 

 

Model 1D 

 

Model 2A 

 

Model 2B1 

 

Model 2B2 

 

Model 2C1 

 

Model 2C2 

 

Model 2D 

 

Model 3A 

 

Model 3B1 

 

Model 3B2 
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Model 3C1 

 

Model 3C2 

 

Model 3D 

 

Model 4A 

 

Model 4B1 

 

Model 4B2 

 

Model 4C1 

 

Model 4C2 

 

Model 4D 

 

Model 5A 

 

Model 5B1 

 

Model 5B2 

 

Model 5C1 

 

Model 5C2 

 

Model 5D 
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Specimen T#1 by De Risi et al. (2016) 

 

Model 1A 

 

Model 1B1 

 

Model 1B2 

 

Model 1C1 

 

Model 1C2 

 

Model 1D 

 

Model 2A 

 

Model 2B1 

 

Model 2B2 

 

Model 2C1 

 

Model 2C2 

 

Model 2D 

 

Model 3A 

 

Model 3B1 

 

Model 3B2 
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Model 3C1 

 

Model 3C2 

 

Model 3D 

 

Model 4A 

 

Model 4B1 

 

Model 4B2 

 

Model 4C1 

 

Model 4C2 

 

Model 4D 

 

Model 5A 

 

Model 5B1 

 

Model 5B2 

 

Model 5C1 

 

Model 5C2 

 

Model 5D 
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Specimen TC3 by Del Vecchio et al. (2014) 

 

Model 1A 

 

Model 1B1 

 

Model 1B2 

 

Model 1C1 

 

Model 1C2 

 

Model 1D 

 

Model 2A 

 

Model 2B1 

 

Model 2B2 

 

Model 2C1 

 

Model 2C2 

 

Model 2D 

 

Model 3A 

 

Model 3B1 

 

Model 3B2 
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Model 3C1 

 

Model 3C2 

 

Model 3D 

 

Model 4A 

 

Model 4B1 

 

Model 4B2 

 

Model 4C1 

 

Model 4C2 

 

Model 4D 

 

Model 5A 

 

Model 5B1 

 

Model 5B2 

 

Model 5C1 

 

Model 5C2 

 

Model 5D 
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Specimen T01 by Hadi & Tran (2016) 

 

Model 1A 

 

Model 1B1 

 

Model 1B2 

 

Model 1C1 

 

Model 1C2 

 

Model 1D 

 

Model 2A 

 

Model 2B1 

 

Model 2B2 

 

Model 2C1 

 

Model 2C2 

 

Model 2D 

 

Model 3A 

 

Model 3B1 

 

Model 3B2 
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Model 3C1 

 

Model 3C2 

 

Model 3D 

 

Model 4A 

 

Model 4B1 

 

Model 4B2 

 

Model 4C1 

 

Model 4C2 

 

Model 4D 

 

Model 5A 

 

Model 5B1 

 

Model 5B2 

 

Model 5C1 

 

Model 5C2 

 

Model 5D 
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Specimen T0 by El-Amoury & Ghobarah (2002) 

 

Model 1A 

 

Model 1B1 

 

Model 1B2 

 

Model 1C1 

 

Model 1C2 

 

Model 1D 

 

Model 2A 

 

Model 2B1 

 

Model 2B2 

 

Model 2C1 

 

Model 2C2 

 

Model 2D 

 

Model 3A 

 

Model 3B1 

 

Model 3B2 
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Model 3C1 

 

Model 3C2 

 

Model 3D 

 

Model 4A 

 

Model 4B1 

 

Model 4B2 

 

Model 4C1 

 

Model 4C2 

 

Model 4D 

 

Model 5A 

 

Model 5B1 

 

Model 5B2 

 

Model 5C1 

 

Model 5C2 

 

Model 5D 
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Specimen BS-L by Wong (2005) 

 

Model 1A 

 

Model 1B1 

 

Model 1B2 

 

Model 1C1 

 

Model 1C2 

 

Model 1D 

 

Model 2A 

 

Model 2B1 

 

Model 2B2 

 

Model 2C1 

 

Model 2C2 

 

Model 2D 

 

Model 3A 

 

Model 3B1 

 

Model 3B2 
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Model 3C1 

 

Model 3C2 

 

Model 3D 

 

Model 4A 

 

Model 4B1 

 

Model 4B2 

 

Model 4C1 

 

Model 4C2 

 

Model 4D 

 

Model 5A 

 

Model 5B1 

 

Model 5B2 

 

Model 5C1 

 

Model 5C2 

 

Model 5D 
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Specimen J40 by Hassan et al. (2018) 

 

Model 1A 

 

Model 1B1 

 

Model 1B2 

 

Model 1C1 

 

Model 1C2 

 

Model 1D 

 

Model 2A 

 

Model 2B1 

 

Model 2B2 

 

Model 2C1 

 

Model 2C2 

 

Model 2D 

 

Model 3A 

 

Model 3B1 

 

Model 3B2 
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Model 3C1 

 

Model 3C2 

 

Model 3D 

 

Model 4A 

 

Model 4B1 

 

Model 4B2 

 

Model 4C1 

 

Model 4C2 

 

Model 4D 

 

Model 5A 

 

Model 5B1 

 

Model 5B2 

 

Model 5C1 

 

Model 5C2 

 

Model 5D 
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Specimen C1 by Antonopoulos & Triantafillou (2003) 

 

Model 1A 

 

Model 1B1 

 

Model 1B2 

 

Model 1C1 

 

Model 1C2 

 

Model 1D 

 

Model 2A 

 

Model 2B1 

 

Model 2B2 

 

Model 2C1 

 

Model 2C2 

 

Model 2D 

 

Model 3A 

 

Model 3B1 

 

Model 3B2 
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Model 3C1 

 

Model 3C2 

 

Model 3D 

 

Model 4A 

 

Model 4B1 

 

Model 4B2 

 

Model 4C1 

 

Model 4C2 

 

Model 4D 

 

Model 5A 

 

Model 5B1 

 

Model 5B2 

 

Model 5C1 

 

Model 5C2 

 

Model 5D 
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Specimen C2 by Antonopoulos & Triantafillou (2003) 

 

Model 1A 

 

Model 1B1 

 

Model 1B2 

 

Model 1C1 

 

Model 1C2 

 

Model 1D 

 

Model 2A 

 

Model 2B1 

 

Model 2B2 

 

Model 2C1 

 

Model 2C2 

 

Model 2D 

 

Model 3A 

 

Model 3B1 

 

Model 3B2 
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Model 3C1 

 

Model 3C2 

 

Model 3D 

 

Model 4A 

 

Model 4B1 

 

Model 4B2 

 

Model 4C1 

 

Model 4C2 

 

Model 4D 

 

Model 5A 

 

Model 5B1 

 

Model 5B2 

 

Model 5C1 

 

Model 5C2 

 

Model 5D 
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Specimen J2 by Shafaei et al. (2014) 

 

Model 1A 

 

Model 1B1 

 

Model 1B2 

 

Model 1C1 

 

Model 1C2 

 

Model 1D 

 

Model 2A 

 

Model 2B1 

 

Model 2B2 

 

Model 2C1 

 

Model 2C2 

 

Model 2D 

 

Model 3A 

 

Model 3B1 

 

Model 3B2 
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Model 3C1 

 

Model 3C2 

 

Model 3D 

 

Model 4A 

 

Model 4B1 

 

Model 4B2 

 

Model 4C1 

 

Model 4C2 

 

Model 4D 

 

Model 5A 

 

Model 5B1 

 

Model 5B2 

 

Model 5C1 

 

Model 5C2 

 

Model 5D 
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Specimen O1 by Tsonos (2002) 

 

Model 1A 

 

Model 1B1 

 

Model 1B2 

 

Model 1C1 

 

Model 1C2 

 

Model 1D 

 

Model 2A 

 

Model 2B1 

 

Model 2B2 

 

Model 2C1 

 

Model 2C2 

 

Model 2D 

 

Model 4A 

 

Model 4B1 

 

Model 4B2 
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Model 4C1 

 

Model 4C2 

 

Model 4D 

 

Model 5A 

 

Model 5B1 

 

Model 5B2 

 

Model 5C1 

 

Model 5C2 

 

Model 5D 
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APPENDIX B 

Mean absolute percentage errors for the monotonic 

envelopes considering the four branches of the force-drift 

curves. 

Table B.1 Mean absolute percentage errors for the monotonic envelopes and their mean values: 

negative pre-peak path. 

 Mean Absolute Percentage Error [%] % %  

 J05 J01 TU3 TU1 #4 T#1 T_C3 T01 T0 BS-L J40 C1 C2 J2 O1 μ σ CV 

1A 8 19 10 22* 14 56 23 37 23* 10 35 48 15 12 16 23 16 0.67 

1B1 14 21 8 21* 20 56 24 32 25* 11 39 48 16 14 21 25 15 0.59 

1B2  32. 37 18 19* 30 46 20 22 17* 19 52 19 12 20 20 27 12 0.45 

1C1 9 20 8 22* 15 53 17 36 22* 8 36 46 14 13 17 22 15 0.68 

1C2  22. 28 11 20* 21 75 21 21 22* 12 45 34 14 15 20 26 18 0.67 

1D 9 21 13 22* 15 50 19 36 21* 15 37 46 13 12 16 23 14 0.60 

2A 15 16 21 22* 9 69 30 67 23* 23 29 50* 17* 17 19 30 20 0.68 

2B1 9 12 44 22* 16 69 24 42 26* 19 33 54* 18* 17 20 29 18 0.63 

2B2 27 34 10 21* 29 28 12 19 17* 7 49 26* 8* 12 16 21 12 0.58 

2C1 13 17 25 22* 11 66 25 40 22* 22 30 49* 15* 17 18 27 16 0.60 

2C2 16 25 26 21* 19 48 11 27 22* 11 42 39* 11* 12 16 23 13 0.55 

2D 15 18 20 22* 10 65 26 39 21* 21 30 47* 14* 16 17 26 16 0.60 

3A 12 16 10 22* 15 59 19 40 23* 21 42 45 15 15 n.a. 26 17 0.66 

3B1 11 12 7 21* 21 59 21 50 26* 18 45 45 16 13 n.a. 26 19 0.71 

3B2 28 34 17 20* 31 24 22 26 17* 9 55 20 12 16 n.a. 24 14 0.56 

3C1 11 17 8 22* 16 56 17 62 22* 21 43 43 14 15 n.a. 27 20 0.73 

3C2 17 24 9 21* 21 78 22 39 22* 10 49 31 14 13 n.a. 27 21 0.75 

3D 12 18 12 22* 16 54 19 38 21* 19 44 41 13 15 n.a. 25 16 0.63 

4A 14 16 12 22* 11 53 25 28 23* 14 26 37 16 17 24 23 12 0.54 

4B1 6 12 9 22* 17 54 16 22 26* 12 22 37 20 18 25 21 13 0.61 

4B2 27 34 15 20* 29 27 16 25 17* 13 41 26 19 11 11 23 9 0.41 

4C1 12 17 11 22* 12 51 18 25 22* 14 26 35 15 17 23 21 11 0.54 

4C2 16 24 8 21* 20 39 14 27 22* 7 33 28 19 12 14 20 10 0.48 

4D 14 18 13 22* 12 48 18 31 21* 14 27 39 15 17 22 22 11 0.51 

5A 9 15 17 22* 5 61 20 38 23* 12 22 50 17* 13 18 23 17 0.73 

5B1 13 18 14 22* 11 60 22 53 26* 10 27 52 18* 13 20 25 18 0.70 

5B2 29 40 11 21* 27 23 20 24 17* 14 46 23 9* 18 18 23 11 0.46 

5C1 8 17 16 22* 6 67 18 36 22* 12 24 49 14* 13 17 23 18 0.77 

5C2 19 27 5 21* 17 79 23 36 22* 8 39 37 12* 14 18 26 19 0.76 

5D 9 23 16 22* 6 56 20 37 21* 14 23 47 14* 13 18 23 15 0.66 

n.a.: not accounted; *value related to the bond-slip spring. 
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Table B.2 Mean absolute percentage errors for the monotonic envelopes and their mean values: 
negative post-peak path. 

 Mean Absolute Percentage Error [%] % %  

 J05 J01 TU3 TU1 #4 T#1 T_C3 T01 T0 BS-L J40 C1 C2 J2 O1 μ σ CV 

1A 11 9 27 17* 17 14 22 15 35* 16 30 23 27 19 14 19 7 0.35 

1B1 14 11 50 19* 17 17 31 12 30* 34 37 18 24 38 36 26 12 0.48 

1B2 n.a. n.a. 13 38* n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. 

1C1 13 8 49 17* 15 17 37 13 35* 34 37 18 27 37 36 26 13 0.49 

1C2 n.a. n.a. 7 30* n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. 

1D 34 15 66 17* 29 34 52 16 35* 59 57 25 15 55 54 39 19 0.47 

2A 21 56 22 16* 9 53 20 28 35* 20 19 13* 19 40 9 25 15 0.61 

2B1 12 45 18 16* 12 43 9 42 36* 14 26 20* 25 43 26 26 13 0.51 

2B2 n.a. n.a. 31 28* n.a. n.a. n.a. n.a. n.a. n.a. n.a. 40* 29 n.a. n.a. n.a. n.a. n.a. 

2C1 17 54 31 16* 9 44 11 37 35* 14 25 13* 19 41 25 26 14 0.54 

2C2 n.a. n.a. n.a. 23* n.a. n.a. n.a. 39 34* n.a. n.a. 30* 27 n.a. n.a. n.a. n.a. n.a. 

2D 17 27 22 16* 19 29 22 37 35* 25 49 13* 19 39 42 28 11 0.40 

3A 15 58 23 17* 20 22 17 42 35* 15 43 10 26 10 n.a. 25 16 0.64 

3B1 14 47 46 18* 20 19 32 43 33* 12 48 15 24 25 n.a. 29 16 0.54 

3B2 n.a. n.a. 14 36* n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. 

3C1 11 56 46 17* 18 19 38 38 35* 12 48 34 26 26 n.a. 31 16 0.53 

3C2 n.a. n.a. 7 29* n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. 

3D 19 29 63 17* 32 29 55 30 35* 30 65 37 15 39 n.a. 37 19 0.50 

4A 14 56 16 16* 11 10 4 25 35* 3 40 16 14 38 45 22 17 0.75 

4B1 11 45 40 18* 12 17 13 37 36* 16 37 39 25 42 35 28 13 0.46 

4B2 n.a. n.a. 15 35* n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. 

4C1 13 54 40 17* 10 17 13 37 35* 16 41 39 24 38 37 29 14 0.49 

4C2 n.a. n.a. 12 28* n.a. n.a. n.a. n.a. 35* n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. 

4D 17 27 59 17* 23 38 40 58 35* 46 24 61 48 38 33 39 14 0.37 

5A 9 21 7 15* 10 26 23 27 35* 5 2 17 21 11 7 14 9 0.61 

5B1 10 16 32 16* 15 20 34 18 36* 20 8 29 27 30 29 22 9 0.39 

5B2 n.a. n.a. 20 31* n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. 

5C1 4 15 32 16* 13 19 44 28 35* 20 8 16 20 30 29 21 11 0.51 

5C2 n.a. n.a. 23 25* n.a. n.a. n.a. n.a. n.a. n.a. n.a. 37 28 n.a. n.a. n.a. n.a. n.a. 

5D 22 11 49 16* 3 27 55 15 35* 50 32 14 19 47 48 30 18 0.59 

n.a.: not accounted; *value related to the bond-slip spring. 
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Table B.3 Mean absolute percentage errors for the monotonic envelopes and their mean values: 
positive pre-peak path. 

 Mean Absolute Percentage Error [%] % %  

 J05 J01 TU3 TU1 #4 T#1 T_C3 T01 T0 BS-L J40 C1 C2 J2 O1 μ σ CV 

1A 12 23 20 27 25 30 13 37 31 17 23 46 17 23 5 23 15 0.64 

1B1 13 25 16 31 29 24 16 32 33 21 25 46 16 23 9 24 14 0.57 

1B2 29 19 16 25 40 9 33 22 27 23 40 23 8 17 22 23 9 0.40 

1C1 11 21 17 26 26 29 14 36 30 17 23 43 17 25 6 23 14 0.62 

1C2 19 24 13 29 32 15 24 21 31 20 31 31 9 14 13 22 10 0.46 

1D 17 22 23 26 26 27 15 36 30 17 29 42 15 35 6 24 13 0.54 

2A 23 40 37 38 21 48 8 67 41 20 15 51* 20* 38 9 32 19 0.60 

2B1 17 37 33 36 25 58 7 42 42 17 17 54* 22* 35 6 30 19 0.63 

2B2 19 14 6 18 38 14 28 19 19 16 36 22* 4* 12 18 19 11 0.61 

2C1 22 38 36 36 22 46 5 40 40 19 15 49* 20* 36 7 29 16 0.58 

2C2 14 18 15 22 30 25 18 27 29 15 26 36* 9* 22 8 21 12 0.59 

2D 19 38 33 35 22 61 7 39 38 19 21 47* 18* 36 7 29 17 0.58 

3A 19 41 21 28 26 34 20 40 33 19 33 42 19 23 n.a. 28 15 0.53 

3B1 14 38 17 30 30 28 24 50 33 17 34 42 18 22 n.a. 28 17 0.59 

3B2 21 14 14 24 40 10 36 26 25 17 45 25 8 13 n.a. 23 13 0.56 

3C1 19 39 19 26 27 34 22 62 31 18 33 40 16 24 n.a. 29 17 0.57 

3C2 14 18 11 28 32 29 30 39 29 16 38 31 9 11 n.a. 24 14 0.57 

3D 17 38 23 26 27 31 24 38 31 18 38 40 15 32 n.a. 29 14 0.50 

4A 21 40 23 28 22 27 10 28 41 15 25 41 14 39 13 26 14 0.55 

4B1 16 37 20 29 26 22 14 22 43 19 18 42 16 37 11 25 14 0.57 

4B2 20 13 12 23 39 10 31 25 18 19 21 31 16 14 12 20 8 0.41 

4C1 21 38 22 26 24 27 11 25 39 15 24 38 12 38 12 25 14 0.54 

4C2 14 18 10 27 31 13 22 27 30 17 15 35 16 24 4 20 11 0.52 

4D 18 38 24 27 23 25 12 31 38 14 26 44 15 38 12 26 13 0.51 

5A 15 27 29 34 16 37 11 38 36 15 11 50 19* 24 7 25 16 0.67 

5B1 14 24 27 31 19 30 15 53 34 19 7 50 19* 22 8 25 17 0.69 

5B2 23 19 8 20 36 7 32 24 23 20 30 21 6* 11 20 20 10 0.47 

5C1 15 25 29 31 17 36 12 36 34 15 10 47 17* 24 7 24 16 0.67 

5C2 15 22 11 25 28 39 23 36 28 18 19 34 9* 11 10 22 12 0.55 

5D 15 19 26 31 15 34 13 37 34 14 15 47 17* 30 7 24 15 0.64 

n.a.: not accounted; *value related to the bond-slip spring. 
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Table B.4 Mean absolute percentage errors for the monotonic envelopes and their mean values: 
positive post-peak path. 

 Mean Absolute Percentage Error [%] % %  

 J05 J01 TU3 TU1 #4 T#1 T_C3 T01 T0 BS-L J40 C1 C2 J2 O1 μ σ CV 

1A 9 11 17 21 27 4 24 15 5 15 34 6 27 36 5 17 10 0.61 

1B1 15 9 39 38 26 27 35 12 6 20 53 7 25 65 31 27 17 0.61 

1B2 n.a. n.a. 13 16 n.a. 23 n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. 

1C1 15 9 39 38 25 27 36 13 5 19 53 7 27 65 30 27 17 0.61 

1C2 n.a. n.a. n.a. 11 n.a. 29 n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. 

1D 41 16 61 57 36 48 55 16 22 42 71 31 29 75 50 43 18 0.42 

2A 26 66 20 14 17 36 4 28 49 19 23 13 36* 23 14 26 16 0.60 

2B1 13 57 21 23 18 27 16 42 39 17 44 25 43* 28 23 29 13 0.45 

2B2 n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. 

2C1 20 64 21 24 15 30 12 37 n.a. 19 44 14 36* 28 23 28 15 0.55 

2C2 n.a. n.a. n.a. n.a. n.a. n.a. n.a. 39 n.a. n.a. n.a. 30 42* n.a. n.a. n.a. n.a. n.a. 

2D 21 32 38 37 27 33 39 37 n.a. 12 66 14 36* 40 37 33 16 0.47 

3A 20 68 13 16 29 9 31 42 8 14 46 6 26 28 n.a. 25 18 0.70 

3B1 15 59 35 34 29 25 47 43 13 12 62 17 24 58 n.a. 34 19 0.56 

3B2 n.a. n.a. n.a. 15 n.a. 30 n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. 

3C1 12 66 35 33 27 25 52 38 13 13 62 17 27 58 n.a. 34 20 0.59 

3C2 n.a. n.a. n.a. 11 n.a. 36 n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. 

3D 25 34 58 54 39 42 65 30 11 13 76 46 13 72 n.a. 41 24 0.58 

4A 16 66 7 13 21 5 19 25 51 3 39 27 15 49 60 28 20 0.73 

4B1 12 57 30 31 21 28 30 37 42 5 32 46 25 45 42 32 14 0.42 

4B2 n.a. n.a. 15 15 n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. 

4C1 12 64 30 31 19 28 30 37 52 5 33 46 25 46 44 33 16 0.47 

4C2 n.a. n.a. n.a. 12 n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. 

4D 22 32 55 52 30 50 53 59 52 25 25 67 50 35 36 43 14 0.32 

5A 14 27 5 4 7 12 20 27 21 4 7 21 41 21 7 16 11 0.66 

5B1 11 19 22 24 14 25 31 18 22 7 26 31 44 53 25 25 11 0.46 

5B2 n.a. n.a. n.a. n.a. n.a. 31 n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. 

5C1 4 21 22 25 11 25 31 28 24 7 26 31 47 53 25 25 13 0.50 

5C2 n.a. n.a. n.a. n.a. n.a. 40 n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. n.a. 

5D 30 13 48 43 11 40 53 15 8 30 55 21 41 70 43 35 19 0.54 

n.a.: not accounted; *value related to the bond-slip spring. 
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APPENDIX C 

Cyclic response of the joints accounting for each of the 

pinching parameters set selected from the literature. 

 

Specimen J05 by Realfonzo et al. (2014) 

Model by Lowes & Altoontash (2003) 

 

Model by Theiss (2005) 

 

Model by Hassan (2011) 

 

Model by De Risi (2015) 

 

Model by Jeon (2013) 

 

 

Figure C.1 Force – drift cyclic response for the specimen J05 by Realfonzo et al. (2014). 
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Specimen J01 by Realfonzo et al. (2014) 

Model by Lowes & Altoontash (2003) 

 

Model by Theiss (2005) 

 

Model by Hassan (2011) 

 

Model by De Risi (2015) 

 

Model by Jeon (2013) 

 

 

Figure C.2 Force – drift cyclic response for the specimen J01 by Realfonzo et al. (2014). 

 

Specimen TU3 by Pantelides et al. (2002) 

Model by Lowes & Altoontash (2003) 

 

Model by Theiss (2005) 

 

Model by Hassan (2011) 

 

Model by De Risi (2015) 

 

Model by Jeon (2013) 

 

 

Figure C.3 Force – drift cyclic response for the specimen TU3 by Pantelides et al. (2002). 
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Specimen TU1 by Pantelides et al. (2002) 

Model by Lowes & Altoontash (2003) 

 

Model by Theiss (2005) 

 

Model by Hassan (2011) 

 

Model by De Risi (2015) 

 

Model by Jeon (2013) 

 

 

Figure C.4 Force – drift cyclic response for the specimen TU1 by Pantelides et al. (2002). 

 

 

Specimen #4 by Clyde et al. (2000) 

Model by Lowes & Altoontash (2003) 

 

Model by Theiss (2005) 

 

Model by Hassan (2011) 

 

Model by De Risi (2015) 

 

Model by Jeon (2013) 

 

 

Figure C.5 Force – drift cyclic response for the specimen #4 by Clyde et al. (2000). 
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Specimen T#1 by De Risi et al. (2016) 

Model by Lowes & Altoontash (2003) 

 

Model by Theiss (2005) 

 

Model by Hassan (2011) 

 

Model by De Risi (2015) 

 

Model by Jeon (2013) 

 

 

Figure C.6 Force – drift cyclic response for the specimen T#1 by De Risi et al. (2016). 

 

 

Specimen TC3 by Del Vecchio et al. (2014) 

Model by Lowes & Altoontash (2003) 

 

Model by Theiss (2005) 

 

Model by Hassan (2011) 

 

Model by De Risi (2015) 

 

Model by Jeon (2013) 

 

 

Figure C.7 Force – drift cyclic response for the specimen T_C3 by Del Vecchio et al. (2014). 
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Specimen T01 by Hadi & Tran (2016) 

Model by Lowes & Altoontash (2003) 

 

Model by Theiss (2005) 

 

Model by Hassan (2011) 

 

Model by De Risi (2015) 

 

Model by Jeon (2013) 

 

 

Figure C.8 Force – drift cyclic response for the specimen T01 by Hadi & Tran (2016). 

 

 

Specimen T0 by El-Amoury & Ghobarah (2002) 

Model by Lowes & Altoontash (2003) 

 

Model by Theiss (2005) 

 

Model by Hassan (2011) 

 

Model by De Risi (2015) 

 

Model by Jeon (2013) 

 

 

Figure C.9 Force – drift cyclic response for the specimen T0 by El-Amoury & Ghobarah (2002). 
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Specimen BS-L by Wong (2005) 

Model by Lowes & Altoontash (2003) 

 

Model by Theiss (2005) 

 

Model by Hassan (2011) 

 

Model by De Risi (2015) 

 

Model by Jeon (2013) 

 

 

Figure C.10 Force – drift cyclic response for the specimen BS-L by Wong (2005). 

 

 

Specimen J40 by Hassan et al. (2018) 

Model by Lowes & Altoontash (2003) 

 

Model by Theiss (2005) 

 

Model by Hassan (2011) 

 

Model by De Risi (2015) 

 

Model by Jeon (2013) 

 

 

Figure C.11 Force – drift cyclic response for the specimen J40 by Hassan et al. (2018). 
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Specimen C1 by Antonopoulos & Triantafillou (2003) 

Model by Lowes & Altoontash (2003) 

  

Model by Theiss (2005) 

 

Model by Hassan (2011) 

 

Model by De Risi (2015) 

 

Model by Jeon (2013) 

 

 

Figure C.12 Force – drift cyclic response for the specimen C1 by Antonopoulos & Triantafillou 

(2003). 

 

 

Specimen C2 by Antonopoulos & Triantafillou (2003) 

Model by Lowes & Altoontash (2003) 

  

Model by Theiss (2005) 

 

Model by Hassan (2011) 

 

Model by De Risi (2015) 

 

Model by Jeon (2013) 

 

 

Figure C.13 Force – drift cyclic response for the specimen C2 by Antonopoulos & Triantafillou 

(2003). 
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Specimen J2 by Shafaei et al. (2014) 

Model by Lowes & Altoontash (2003) 

  

Model by Theiss (2005) 

 

Model by Hassan (2011) 

 

Model by De Risi (2015) 

 

Model by Jeon (2013) 

 

 

Figure C.14 Force – drift cyclic response for the specimen J2 by Shafaei et al. (2014). 

 

 

 

Specimen O1 by Tsonos (2002) 

Model by Lowes & Altoontash (2003) 

  

Model by Theiss (2005) 

 

Model by Hassan (2011) 

 

Model by De Risi (2015) 

 

Model by Jeon (2013) 

 

 

Figure C.15 Force – drift cyclic response for the specimen O1 by Tsonos et al. (2002). 
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